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Synopsis

Shells canstructed by lifting a flat square fattice into a doubly
curved shape are a recent form of construction. Such a
shell of four times” greater span than any previous examples
had to be completed in 18 months for an exhibition.

This paper describes the engineering design. It attemnpis to
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show how the loads were defined, how the structure was
modelled and tested both physically and mathematically, and
how these models were used to determine the construction
detaifs, The design process had to be evelved to derive
sufficient understanding so that the decisions could be made
by the critical dates.

INTRODUCTION

Background
Linear Arches or Ribs. ‘Conceive a cord or chain to be
exactly inverted, so that the joad applied 1o it, unchanged
in direction, amount and distribution, shall act inwards
instead of outwards; suppose, further, that the cord or
chain s in some manner stayed or stiffened, so as to enable
it to preserve its figure and to resist a thrust; it then
becomes a finear arch, or equilibrated rib: and for the puli
at each point of the original cord is now substituted an
exactly equal thrust along the rib at the corresponding

peint.” Willilam John MacQuorn Rankine, 1858,

Since 1946 Professor Frei Orto of Stuttgart University has
been using hanging chain nets to define possible structures
in which, when inverted, the self-weight produces direct force
only* (Fig 1). Fine chains cannot transmit moment and a
suspended chain net can easily be used, provided it is a shear-
free mechanism, to determine the statically most favourable
dome shape under gravity loading for any continucus
boundary condition. Such a direct force structure can
theoretically be extremely thin but its thickness will be
determined by the stiffness required to withstand buckling
and asymmetrical loading.

With this technique, Professor Otto was using the same
method employed by the Spanish architect, Antoni Gaudi,
at the end of the nineteenth century.® Methods of graphical

-analysis were popular with the engineers at that time, and

Gaudi developed their two-dimensional modeliing into three
dimensions (Fig 2). For the Gueill Colony chapel he made
wire models hung with appropriate weights to achieve in
reverse a logical structure which he could amend until it
satisfied him architecturally {Fig 3(a) and {b)). This method
of visualising more complex forms gave him a buildable
sculptural freedom which conventional simulation methods,
such as drawing, could never have allowed.

Professor Otto went on to develop an erection method
from the fact that the shape of a hung quadrangular chain net
can be recreated in the initial shape by a flexurally semi-rigid
lattice of steef or wooden rods in a uniform mesh provided
that the lattice is rotatable at the inter-section points. The
lattice can be prefabricated as an equal grid, pulled or pushed
up and then fixed against collapse by the edge forces. Such
a lattice has no in-plane shear stiffness and there are differing
angular displacements at various points. the largest at the
diagonal edges and the smallest near the principal axes.
Shear stiffness can, to a limited extent, be provided by fixing
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Fig 1. Early hanging chain model

the joints, though if the deformations are excessive diagonal
ties must be provided,

Frofessor Otto’s first structure of this type was erected
for the German Building Exhibition at Essen® in 1962
(Fig 4). it was a lattice dome, on a super elliptical base,
16 x 15 m with a height of 5m at the centre and a mesh
size of 0-48m, It was made with Oregon pine laths of
40 mm x 60 mm cross section and a length of 19 m achieved
with finger joints. The laths were connscted by bolts. The
shape of the dome and lengths of the members were deter-
mined by a suspended chain net though, naturally, it was
found that the flexural deflection curves of the laths were not

L ey

Fig 3(a). Hanging model for Guell Chapel
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Fig 2(a). Practical graphical method of finding line of
resistance of an arch

Fig 2(b}. Model of arch formed of radiused vousoirs which
allow the fine of thrust te move in response to point loads.
This model was made by Frei Otto to demonstrate the
principle of inverting a hanging chain.

exactly those of catenaries. The edge beam was spiked into
the ground and erection carried out with a crane with spreader
beams, the base being pulled in with diagonal ties.

Later in 1962, at a seminar at the University of California,
Berkeley, USA, Professor Otto conducted a series of study
projects on suspended catenaries, the definition of a dome
by use of a net and, finally, a full-scale erection of a lattice
dome made of round steel bars (Fig. B}.

Fig 3(b). Detail from structure
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Fig 4{a). {b) and (). Lattice dome at Essen, 1962

In 1965, in collaboration with Professor Rolf Gutbrod of
Stuttgart, he won the competition for the design of the
German Federal Pavilion for Expo’ 67 at Monireals, The main
structure was a large continuous cable net roof but, within
the roof, there was an auditorium with its vestibule covered
by a timber lattice dome (Fig 6). The plan shape was very
irregular, with a re-entrant angle and spans of 17 m x 13 m
and 20 m x* 4-5 m. For this project a further refinement in the
erection method was used when the lattices were pre-
fabricated in Germany, collapsed diagonally into narrow

Fig 6. Erection of lattice domes at Montreal
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Fig 5(a) and (b). Lattice Jome at Berkeley

bundles of strips side by side, transported collapsed to the
site in Canada and expanded and erected there.

These three lattice domes are the only ones previously built
though several studies have been carried out, including one
for a banqueting hall for the Conference Centre in Mecea,
Saudi Arabia, where Professor Otto is again in partnership
with Professor Gutbrod and Ove Arup & Partners. Within
the last two years, however, a rigorous series of shape studies
has been carried out with chain nets by a group at the Institut
fur Leichte Fldchentragwerke at the University of Stuttgart®

{Fig 7).

Nature of the structure

The term lattice skell is used in this paper to describe a doubly
curved surface formed from a lattice of timber laths bolted
together at uniform spacing in two directions. When flat, the
lattice is @ mechanism with one degree of freedom. If it were
formed of rigid members with frictionless joints, movement of
one lath parallel 1o another would evoke a sympathetic
movement of the whole frame causing all the squares to
become similar parallelograms. This movement causes
changes in length of diagonal lines through the nodes (Fig 8).
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Fig 8. Lattice distortions

It is this property which allows the lattice to be formed
into the doubly-curved shape of the shell.

The shape for the shell is established by photogrammatic
measurement of a hanging chain model and is funicular.
If the shell is toaded with its own weight only, no bending
forces result. This is an ideal condition, as in practice the
imposed loads on the shell are greater than the self-weight
and are not uniformiéy distributed at the nodes. A funicular
shape is an advantage but is not essential.

When the lattice has been curved to the shape of the sheli,
it is fixed only by its connections to the boundaries. The
funicular shape is modified by the effect of bending of the
laths and with no loads applied it would be such that the
strain energy is minimized.

In this condition the lattice shell resists point loads by
bending of the laths. This is acompanied by large movements
of the shell and changes in the angles between the laths.
These movements indicate that the overall shape of the shell
can be easily altered, and to resist these movements diagonal
stiffness has to be introduced. .

A continuous sheil made from an isotropic sheet material
has equal propetties in all directions., An elemental square on
the surface can take direct forces and out-of-plane bending
on orthogonal directions {Fig 9). The force/displacement
propetties are not affected by the orientation of the element.
However, an element of a lattice shell consists of a parallelo-
gram of four laths. This element can only resist direct forces
in the directions of the laths. It can also resist out-of-plane
bending. In its initia! pinned condition, it cannot resist
diagonal forces. It cannot therefore transwmit forces directly
from one lath to the next.

Diagonal stiffness can be introduced in various ways:

{a) by making the joints rigid so that shear forces are

carried by bending moments around the element ring ;

by adding cross ties of cross sectional area considerably
less than the laths;

(k)

(c) by adding rigid cross bracing of equal area to the
laths.
CONTINUQUS I

r
SHELL /—TENSEON NET

LATTICE SHELL/ ]

DEFLECTION
Fig 10
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Fig 9. Continuous shell and lattice shell efements
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Bracing type (c) would produce a shell which was directly
comparable with a continuous shell. Obviously the amount of
diagonal stifiness introduced by bracing type (b) can be
varied by altering the thickness or material of the ties.

Load carrying behaviour

The loads on a shelt car be divided into funicular foads which
produce only direct forces in the laths, and disturbing loads
which produce bending moments and large deflections.
The deflections produced by the disturbing forces change
the shape of the shell from its original funicular shape. The
direct forces from the funicular loads then produce bending
moments which increase the bending moments produced by
disturbing loads. As the funicular loads are increased, the
stiffness and resistance to disturbing loads is decreased. Ata
critical funicular load there is no resistance to disturbing
loads; a smail deflection from the funicular shape causes
collapse. This decreass in stiffness to distwrbing loads
characterizes compression structures. With a tension net the
opposite is true; the deflections under load increase the
stiffness and resistance to disturbing loads up to the peint
at which the members break.

With a continuous shell there is an infinite number of
funicular loads. Any distribution of load without dis-
continuities can be carried by direct forces within the shell
without the necessity for primary bending moments. This
means that deflections will be much smaller than for a lattice
shell where disturbing loads are caried by bending of the
laths. So the effect of funicular loads in reducing the resistance
to disturbing loads is jess and the collapse load tends to
increase.

Typical load deflection curves of a tension net, a lattice
shell and a continuots shell for disturbing loads are shown
in Fig 10

Lattice shells with diagonal stiffness

A pinned lattice shell can only catry disturbing loads by
bending of the laths. Under small deflections the structure
behaves as a seties of inter-connected flexible arches. The
bending effects are spread along the whole iength of the
arch. With large distortions a dimple is formed, and certain of
the laths outside the dimple are stretched into tension,
preventing further deflection in that zone and causing some
increase in stifiness. This behaviour is only possible with low
fevels of funicular load. With a large funicular load the
decrease in stiffness is so great that collapse will occur before
the deflections become large.

These large deflections are accompanied by changes in
length of diagonal lines through the nodes. In the real
structure these changes in length would rupture the covering
membrane unless it were made strong enough to resist them.
If it is made strong enough then in effect diagonal ties are
introduced, the large deflections are controlled and the
collapse load is increased. Clearly it is necessary 1o introduce
diagonal stiffness by using the membrane or ties.

Double layer grids

While ties can be used to increase the in-plane stiffness and
prevent excessive shear distortion, the only way to increase
the out-of-plane bending stiffness is to increase the moment
of inertia of the individual members. A double layer grid does

The Structural Engineer/ March 1975/ No. 3/Volume 53



%

Fig 13. Transferring chain net te supports

this most effectively but introduces other problems: during
the bending into shape the two paraltel laths along each grid
must slide relative to each other. To allow this to happen, one
of the layers just have slotted holes. When the final shape is
achieved the taths must be prevented from slipping, and even
when slipping is prevented the shear stiffness of the composite
member is far from ideal.

Architectural design
A federal garden show is held every two years in one of the
principal cities in West Germany. The exhibition is open
for six months and about four million people visit it. It usually
consists of a large park which is landscaped with flowers
and shrubs, where growers and nurseries exhibit new and
special strains of plants. Playgrounds are included in the
landscaping both for children and adults. Special events—
concerts, theatre, games and sports—are held on most days.
The garden show is popular among cities because a depress-
ed open area may be re-landscaped with gardens of every kind,
paths, lighting, lakes, kiosks and restaurants, The exhibition
provides the stimulus to local pride to do this and brings
considerable financial help.
i N - The cities of Mannheim and Ludwigshafen {joint popula-
Fig 12. Links for hanging chain model tion 600 000) were selected in 1970 as the home of the 1975

X ¢ o SRR
Fig 14. Hanging chain model
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exhibition. Two sites, one on either side of the River Neckar,
were planned and a cable car transport system has been
erected fo connect the two entry points.

A Mannheim architectural practice, Mutschler & Partners,
was one of the joint winners of a competition held in 1971 to
design the parks and was appointed to design the section
which included a multi-purpose hall and restaurant. In their
competition design the main path of one of the parks led
through this complex. For the Mulithalle they proposed to
use a membrane roof supported by balicons. This scheme was
unacceptable to the building authorities, and after some more
early thought they asked Professor Otto, who had designed
several tent structures for previous garden exhibitions, to help
them with a solution.

Together, they investigated various tent and pneumatic
solutions. They felt that a free form rounded structure would
be most appropriate, as the hall was to be adjacent to the
town's newly-created and only hill. Lattice shells were then
considered and they evolved a scheme with two principal
domes for the Multihalle and the restaurant, connected by
tunnets over the walkways. This complex was adjacent to the
hill and was surrounded by an artificial canal. Fig 11 shows
the final wire mesh model made at Professor Ofto's office,
Atelier Warmbronn. The lattice was to be covered with a
translucent PVC membrane reinforced with open-meshed
polyester fabric.

After this model was agreed and accepted, Professor Otto
prepared a hanging chain model which was to define the
geometry of the roof. This mode! was made to a scale of
1:98'9, the node points being smal rings connected by rigid
links {Fig 12), each 15 mm leng 1o represent every third grid
of a 500 mm mesh. The whole mesh was put together by hand
and iowered onto a support system prepared on a tiat marble
slab marked with grid lines (Fig 13). The boundaries were
then transferred 1o the support system and adjusted to find
the optimum shape (Fig 14).

A Mannheim engineering practice, Briuer Spaeh, was
appointed to act as structural engineers. Professor Linkwitz
and his Institut fir Anwendungen der Geodasie im Bauwesen,
of Stuttgart University, were appointed to express the geo-
metry of the chain net model by the photographic and
mathematical methods he had developed during the design
of the German Federal Pavilion at Montreal and the Munich
Olympic stadia.

The responsibility for approving the building for public
safety lies with the Board of Surveyors, but for special
structures they can appoint a Proof Engineer who approves the
calculations and the standard of the finished buitding. Profossor
Wenze! of Karlsruhe University was selected for this task.

it was decided to divide the contract into three pars:
concrete wotk, timber and covering. Tender documents were
sent out separately during September/October 1973 to three
firms for each part. These firms were then put together with
their agreement into three groups.

In Qctober 1973 the consulting structurai engineer
resigned from his appeointment and Structures 3, Ove Arup &
Pariners, were invited to undertake the work. The practice
was already aware of the project and knew that there was no
previous engineering experience in this field. The roofs were
already out to tender and the tenders were due back in three
weeks. This period represented the time available to make the
preliminary analysis necessary 10 underwrite the basic sizing.
Construction on site had to commence in December 1873
and erection of the lattice shells was io take place in April/
June 19274, The building was to be substantially complete in
November 1974 and the exhibition was to open on 18 April
1975. This programme is shown in Fig 15.

STRUCTURAL DESIGN

Design process
When Ove Amup & Partners accepted the commission they
realised that in order to meet the critical dates for supplying
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information, shown on the initial programme Fig 15, design
decisions would have 1o be made at the appropriate times
based on the information then available. In view of the lack
of previous experience they anticipated a design programme
which started out on a number of paths simultanecusly.

This paper'is concerned with the engineering work which
evolved as the design developed. it attemnpts to show how the
ioads were defined, how the structure was modelied and tested
both physically and mathematically and how these modeis
were used to determine the construction details. The flow chart
of the design process as it happened is shown in Fig 16.

Initial studies

Tender documents had been sent out previously showing the
shells fabricated as a single lattice from 50 x 50 mm
timber sizes. As only three weeks were available before the
tenders were due in and they had to be accepted only a short
titne after that, an immediate start was made on

{a) investigations to establish the design loads, and

{b) hand calculations on shell buckiing.

As only three lattice shells had been buitt before and these
had been very much smaller, there was not much previous
experience available. Rough calculations on ths buckling
of the shell based on a paper written by Wright” indicated that
the shell was too thin. 100 x 100 mm laths were required
but these could not be bent to shape. It was thought that the
strain energy imparted to the laths in the initial bending might
improve the buckling performance, although it was meatized
that this would only be a tempeorary improvement as the
initial stress would creep away. This concept was later
demonstrated 10 be irrelevant.

The building geometry was defined at this time by the
hanging chain model at the Atslier Warmbronn. The final
geometry was to be defined by computed co-ordinates after
Bijro Linkwitz had taken stereo photographs of the model and
had corrected them to achieve equilibrium of forces in the net,
but this was not programmed to take place for two or
three months.

To get a graphical representation of the geometry, a contour
drawing of the hanging chain model was prepared by
Atelier Warmbronn. This drawing also showed the positions
of every tenth mode! grid and the radii at the intersection of
these grids, measured by using railway curves.

While waiting for this geometry it was felt essential to
gain understanding of the structural behaviour as quickly as
possible. So work was started on investigating the properties
of timber and, in order to have something real to feel and test,
it was decided to make a working model of the Essen shell.
This was chosen as the geometiical details were immediately
available from Professor Otto. As described under Mode/
Testing, page 115, this mode! was made and tested ; scale
factors were applied to the results which indicated that the
coliapse load of the Muitihalle shell as proposed was only
slightly more than the dead load.

While the Essen model was being made, the tenders were
received in Germany and Ove Arup & Partners were formally
asked to confirm that the structure would work. The rough
calculations had atready indicated that the shells were too
thin and this was stated. However, the amount and extent of
thickening required was uncertain. it was agreed that some
provision should be made for extra material and so prices were
obtained for areas of doubled laths.

As work on the physical modet proceeded, thought was
being given io setting up a mathematical mode!. The ECI 603°
non-linear space frame programme was thought to be the
most suitable. Trial computations on the Essen model were
carried out to test the modelling, which predicted a collapse
load within 10 per cent of that established by toad testing
and so established confidence in the computer resutlts.

As a result of these tests, it was realized that the collapse
load of the shells had 1o be improved even though the contract
had already been let and the 50 x 50 mm fath size was
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agreed. In any case, increasing the lath size would mean that
the initial bending stresses would be too great. Doubling the
laths one above the other was thought to be the only
reasohable way to get adequate bending stiffness, so the
decision was taken to do this.

During this stage, work was starting on site and there was
pressure to get loads for the foundation design. Using the
contour drawing which gave an idea of the curvatures,
calculations were made on a coarse grid to establish the direct
forges in the laths, These calculations were based on:

_ force

load -
radius

and on the assumption that the rate of change of force along
a fath would be small because of iow in-plane shear stiffness.
The distribution of foices was estimated by eye and turned
out to be close to the Biiro Linkwitz distribution. In defining
the boundary forces an aflowance was made for variations
in distribution,

Design foadings

From data obtained from the Weather Office the snowfall in
the area is much less than the average for Germany and less
than the 75 kgf/m® required as a minimum by the DIN code.
Snow was obviously the critical form of loading for a light-
weight compression structure. The effects of wind were felt
to be less important as the resulMtant force would be mainly
upfift. Nevertheless, there was a possibility of gusting and
dynamic effects which had to be investigated.

A 1200 scale wind tunnel model was made and tests were
carried out by the BHRA in the wind tunnel of the Cranfield
Institute. Full wind and snowfalf records were obtained from
the weather service in Karlsruhe and a statistical analysis was
performed on them to obtain a design load with a suitable
level of probability. The work is described under Definition of
load's, page 108,

ig 17. Stereo photography of hag.r'ng chain model by IAG
MULYIHALLE

N

RESTAURANT"

Fig 18. Plan plot of 1-5m net
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Definition of geornetry

The geometry of the shells was to be defined for construction
by Biiro Linkwitz and the Institut fiir Anwendungen der
Geodasie im Bauwesen at Stuitgart University. This started
trom the hanging chain model which was photographed
using stereo cameras (Fig 17). These photographs were
processed to yield an initial set of co-ordinates for the nodes
of the hanging chain model. The hanging chain model con-
taned a number of inaccuracies; for example, the links were
not always the proper length of 15 mm, and in places they
went into compression. To improve this situation the initial
co-ordinates were comected so that the final set of co-
ordinates represented an ideal hanging chain with the
distances between the nodes exact and ail nodes in
equilibrium under self-weight. This processing was done
on a CDC 6600 computer using a program prepared by the
IAGB®. As well as a full set of node co-ordinates, the results of
this work included a plan plot of the net and the member
forces from the equilibrium calculation {Fig 18).

Modelling

The results were made available to the architect, Atelier
Warmbronn, and to Ove Arup & Partners. This marked the
start of detailed analysis work on the shells. The co-ordinate
system was used to set up the non-linear analysis programs.

The computer plot was used to provide the geometrical
information to make a perspex structural mode! of the Muiti-
halle shell which was then test [caded. The physical
modelling work is described under Mode! Testing, page 116.
The computations using the non-linear program are described
under Mathematical Modelling, page 118.

In setting up the input for the Mulitihalle program, it was
necessary to use one member to represent 12 paralle! laths.
To ensure that such a coarse grid adequately modelled the
behaviour of the real structure {made of a material with
differing non-linsar stress strain properties in three directions)
it was necessary to make assumptions about the stiffnesses
and to convert these into equivalent member properties for
the computer model. The relationships between the behaviour
of the computer members and that of the real structure were
tested mathematically. The behaviour of the lattice joints was
proved by tests described under Determination of member
behaviour, page 110.

Detaifing

The details of the grid were developed in parallel with the
compuiing work, so that the properties of the structure agreed
with those of the mathematical model which was finally
accepted as having an adequate factor of safety. The boundary
details were developed to meet the requirements of the
geometry and the ergction process, and to have adequate
strength to supply the reactions to the lath forces. This work
is described under Development of Details, page 123.

Definition of loads

The self-weight of the lattice, including an ailowance for
extra timber and for light fittings, was taken as 20 kgf/m? In
addition to the self-weight, the roof must withstand imposed
loads atising from construction or rmaintenance procedures,
wind pressure and snowfall. These loads had to be agreed
with the proof engineer.

The design load allowance for construction ot main-
tenance was taken as two 70 kg men working close together
as well as some equipment making a total of 200 kgf
on an area of 3 m?, [t was felt that loads in excess of this could
be controlled, and that this load itself was low compared with
the dead weight plus design snowload.

The loads from wind and snow are not controliable, and
for & lightweight structure such as this can create pressures
two or three times greater than the self weight. The structure
had to be designed to resist these foads, and as it was apparent
from the outset that it would not be easy to build in a large
reserve of strength, it was necessary 1o define them precisely.
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Design wind velocity

The curtent German code for wind forces, DIN 1055 Blatt 4,
calls for all structures io be designed for the same pressure
gradient. For structures 20 m high, the stagnation pressure
is 80 kgf/m?>. It is understood that this code is in the process of
being revised on a statistical and geographical basis, but for
the Mannheim roofs a more accurate estimate of the wind
pressure was required at the time.

Wind speed records were obtained from-the Mannheim
Weather Office and were analysed statistically on the basis
that they conform to the extreme value distribution of the first
exponential type. This distribution is considered by most
authors adequate for defining the distribution of yearly
maximum wind velocities and is fully described by Gumbef™.

In the analysis of the Mannheim wind speeds, the reference
height was taken as 20 m, equal to the height of the shell. The
return was taken as 20 years, which was considered to be the
maximum life of the structure. For structures with dimensions
greater than 50 m, the wind gusts have low correlation from
point to peint over the surface, and so it was considered
appropriate to use a 15 second gust speed to allow for the
time averaging effect.

Calculated on this basis the reference velocity was 25 m/s
which represents a stagnation pressure of 35 kgf/m* The
wind rose of relative probability was as Fig 19. Wind speed
data were obtained for Darmstadt. Karlsruhe and Freiburg,
other Rhine valley towns close to Mannheim'', These data
were similarly processed and gave results which corresponded
well with those for Mannheim.

Determinatron of wind pressure

Wind pressures on structures are commonly related to the
wind stream stagnation pressure, %pV? by means of the non-
dimensional pressure coefficient Cp. For conventional
structures, values of Cp over the surface are well tabulated
in Codes of Practice. In generat these have been calculated
from wind tunnel tests. Littie information is available for
unusual shapes, and so it was decided to carry out wind
tunnel tests to establish the pressute distribution on the
Mannheim shells. They were carmied out by the British
Hydrodynamics Research Association in their low speed
wind tunnel at the Cranfield Institute, which has a working
section 1-8 m square.

For true modelling of a prototype siructure, all parameters
should be modslied. To achieve this, the non-dimensional
ratios desctibing the structure and the wind should be constant,
and the important parameters should be represented as well.
A compromise has to be reached for conventional low speed
wind tunnels in that Reynolds number Ry cannot be scaled. "

For the lattice shells the dynamic behaviour is uncertain,
but it was considered that because of the large length dimen-
sion and high structural damping, the wind response would
be similar to the effect of an equivalent static pressure. This
simplification eased the modelling and allowed the use of a
static rather than an aeroelastic model for Cp distribution
determination. This same simpfification applied to the
modelling of the wind and reduced the need to scale
the turbulence intensity. An approximation to the velocity
distribution near the ground was made to aliow one reference
velocity Vz to be used for evaluation of Cp values.

Velocity scaling is then not dependent on the model scale,
but on the measuting equipment and other physical limitations
in the tunnel. It is rarely possible to scale Ry, however, and as
this parameter primarily controls the flow pattern around the
structure it is of importance. For flow in a fully developed
turbulent boundary tayer, such as atmospheric winds, flow
pattern is independent of Ru. This type of flow is often
ensured by the normal sharp edged wind tunnet models used.
Devices such as trip wires or surface roughening are
necessary for small rounded models such as the Mannheim
lattice shell. By this means flow conditions may be well
scaled even though Ry is not identical.
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Fig 19. Wind rose of relative probability

These considerations led to the choice of a static rigid
hollow model for Cp determination for wind-loading
calculations.

The model. For convenience the length scale of the model
was chosen as 1:200 and the area of surrcunding jand was
determined by the size of the wind tunnel turntable. A rigid
model of urethane foam was made by Fairey Surveys from a
comour drawing supplied by Professor Otto (Fig 20). From
this several clear vacvum-formed models were made with a
shell thickness of approximately 2 mm. This produced a rigid
modet which was transparent and which had openings
around the sides as required. The model was firmly attached
to a base board and pressure taps were connected to
measure relative pressure over the outside and inside surfaces
of the model. A large roughened fairing was provided up-
stream of the mode! to produce a turbulent boundary layer.

Wind tunnel tests. With regard o How verification and
visualization, to verify the assumption that By scaling was
not important, a series of runs were made in the tunnef with
smoke injected upstream of the model. It was hoped to gain
some appieciation of the pattern of air fiow aver the
structure, and to discover any problems of high velocity
in the surrounding areas. As was expected, the flow pattern
showed no visible change with tunnel speeds of reasonabie
order and above, and it was concluded that the trips and sharp
edge site features were sufficient 1o ensure that the flow
pattern was turbulent and independent of Ry

No quantitative information was to be gained from smoke

tests; however, the following was observed :

(a) Very small flows occurred inside the building. This
may underestimate the real condition due to scafe
effects of small holes; however, it would appear that
flow rates inside the building will be low and unlikely
to cause discomfort.

(b) The flow around the southern area of the structure
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B E
Fig 20. Wind tunnef mode!

appeared to have a high turbulence component from
the many trees in the area.

(¢} The large tree in the Biergarten near the middle of the
structure appeared to reinforce a standing vortex in
this area for most wind directions. Velocities here are
unlikefy to be greater than the natural wind velocity,
but on days of high wind speed, some discomfort
may be experienced in this area.

Determination of pressure, The model was instrumented with
150 pressure taps over the surface, including several on the
inside. The totaf pressure at each tap location was measured
by manometer. The banks of manometers were photographed
for each run.

Prior to any readings a traverse with a calibrated National
Physical Laboratory pitostatic tube was carmied out upstream
and downstream of the model to determine the boundary
layer profile. (See Fig 21).

The processing of manometer readings into Cp values
was done by BHRA. These were then calculated for wind
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Fig 22. Cantour plot of Cp values

directions each 30° from North (¢ = 0°) with extra readings
around the apparently critical wind direction up the Rhine
Valley of ¢ = 210°. Each wind direction has an associated
refative probability which may be used to predict the final
wind loading on the structure.

tn order to present the mass of information in a more useful
form, a computer contouring technique was used 10 produce
Cp contours for each wind direction. Also the data values were
plotted at their measuring locations. The computer plot for Cp
contours was ‘smoothed’ by hand to remove the unavoidable
anomalies produced by the irregular structural shape. The
contours and the data values for wind at 21 0° are shown in
Fig 22.

Design snowfall : different loads

The German code for snow loading DIN 1055 Blsit & treats
the country geographically with different loads for different
areas. Mannbeim lies in the area of least snowfall but the
DIN code specifies a minimum snow load of 75 kgf/m? which
should be applied in this area. This load is nearly four times the
self weight and would represent a very severe load case.

As with wind speeds, the snowtall records for the previous
20 years were obtained from the Mannheim Weather Office.
These data were processed in the same way as the wind
speeds, although the exponential type distribution is not
strictly true for snowfall, which can have years in which there
is a zere value.

This led to the following results for maximum one day and
three days’ snowfall with return periods of 20, 50 and
100 years. Observation of the records indicated that a three
day period accounted for most of the snowfall in a particular
snowy spell. After three days snow weight would be reduced
by evaporation.

20 years 50years 100 years
1 day .. 21-0 25-3 286 kgf/m*
3days .. 335 40-9 465  kgf/fm?

1¢

The closed part of the Multihalie was equipped with heating
plant which it was agreed would be used to melt the snow. For
this area a design snow load of 15 kp/m® was taken which, it
was felt, was an adequate allowance to provide for a very heavy
snowfall rate which overcame the effects of heating, or for a
snowfall in the night when there was no one present to turn on
the heaters. This is comparable to results from research into
snow loads on heated air houses in Scandinavia and West
Germany.

The design load for the remainder of the shells was agreed
to be 40 kgf/m?, and was related to the three day snowfall with
a return period of 50 years. With the expected maximum life
of 20 years, there was little probability of this load occurring
but it was taken because of the importance of snow toading,
and because the City of Mannheim did not want to take any
clearing action.

Determination of member behaviour

Western hemlock had been chosen by Professor Otto because
it was available in long lengths which are normally straight-
grained. The tree, fsuga heterophylla, is native to the
western coast of America from southem Alaska to north
California. It reaches a height of 60 m with a bole diameter of
2..2-5 m. The timber is non-resinous pale brown in colour and
of even texture. The darker summer wood bands produce 3
well marked growth ring figure.

Amabilis fir and Grand fir closely resemble Western
hemlock, and in some areas they grow together. They are
frequently mixed when cut and subsequently exported as
commercial Western hemlock. The strength properties of the
mixed wood are stightly fower than those for pure Western
hemlock.”

Timber properties
The structural properties of timber depend on the

The Structural Engineer/March 1975/Na. 3/Volume 653

R



direction of the stress in relation to the fibres. They also vary
with moisture content and with the duration of load. The
strength and stiffness properties of various species of timber
have been established by a large number of short-term tests
on small clear specimens cairied out by several testing
authorities. These results show a normal Gaussian distribution
of values with a high standard deviation, but have a strong
correlation with specific gravity.

For a simple element in bending, these variations in
properties do not present a great problem. A design-breaking
strength can be established by finding the stress below which
only 1 per cent of the results will fall and then applying
modification factors to aflow for these effects and for
additional security. Long term reductions in £ will increase
deflections, but these can be taken care of by selecting a
suitable beam depth.

For constructing lattice shells many of the properties of
timber can be advantageous; a low Young's Modulus {E)
enables it to be bent and the creep effects cause the initial
bending stresses to reduce. For the subsequent behaviour
most of these variable properties are disadvantageous and
produce structural modelling problems. It was therefore
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Fig 23(a} and (b). Change of modulus of rupture (&} and
change of modulus of elasticity {b) with moisture content
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necessary to investigate these prbperties in depth te be sure
of the validity of the siructural modelling.

Moisture movement. Hemlock, when green, has a high
moisture content and has to be dried with eare. The handbook
of soft woods' gives the folfowing values for initial shrinkage
and subsequent movement:

Shrinkage :
Green to 12 per cent moisture content ;
Tangential about 4-0 per cent
Radial about Z-8 per cent
Movement:
Moisture content in 90 per cent
humidity 21 per cent
Moisture content in 60 per cent
humidity 13 per cent
Corresponding tangential movement 2 per cent
Corresponding radial movement 1 per cent

Classification mediurm movement
The longitudinal shrinkage of timber is not normally
quoted. Handbook 72 of the US Department of Agriculture™
gives the total longitudinal shrinkage as being betweeh
01 and 0-3 per cent. Kollman and Cote™ quote the longitudinal
shrinkage as being 0-01 per cent for each 1 per cent change in
moisture content, a value which corresponds with the higher
value of the previous reference,
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Fig 24. Long term bending strength of small clear Douglas
Fir specimens (from data prepared by US Forest Products
Laboratory)
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Fig 25. Creep of air-dry beams of mountain ash at 40°C
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Strength properties. The Forest Products Research Bulietin 50"
guotes values of strength properties for a number of timbers
based on short ierm tests on small clear specimens. Those for
western hemlock are .taken from tests carried out by J. G.
Sunley, who ia his report"” shows that they compare well with
Ametican and Canadian tests. It therefore seemed reasconable
to treat these values as representative and to assume that the
timber for Mannheim conformed to this distribution.

The vatues of bending strength and elastic modulus were as
Table 1.

TABLE 1
Bending Modulus of
Moisture strength elasticity
content N/min? N/mm?
mean 8.D. mean 5.D.
Green .. 510 49-0 10-0 8700 | 1430
Air dry .. 12-8 830 20-6 | 10400 | 2040

F.P.R. Bulletin 50 gives information from which curves of
the change of modulus of rupture and modulus of elasticity
with moisture content can be derived. It can be assumed
that western hemiock has similar curves. These are plotted in
Fig 23(a) and (b).

Duration of load. Booth and Reece™ give examples of long-
term bending tests carried out at the US forest products
laboratory on small Douglas fir beams. These results were used
to derive the time to failure against stress level curve as Fig 24.

This curve indicates a minimum percentage siress fevel
as 56 per cent for a 5O-year load duration and has been used
for establishing permissible long-term stresses in CP112.

Creep. Booth and Reece also quote deformation/time curves
for mountain ash established by Kingston in 1962. These give
creep depth as a fraction of initial deflection (Fig 25).
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Fig 29. Rig for shear stiffniess tesis

These tests were cairied out on air dry specimens. Other
tests have shown that the creep rate is more or less constant
provided that the moisture content is constant but variations
accelerate the creep.

These basic properties were used to establish and versify
the structure properties of the latiice. However, for some
effects where there was uncertainty about the behaviour
special tests were carried out. In the case of the [attice joints
these tests were carried out in paraile! with the buckling load
calculations and the development of the details, and was an
important part of the design process.

Testing progranmime

Stress relaxation investigation. For significant areas of the
lattice shell, the radius of curvature is relatively small, of the
order of 10 m with some areas at 6 m. This curvature results
in high bending stresses during erection with the possibility
of overstressing the members by the application of service
loads. Stresses in timber held to a constant deflection relax, and
as a first approximation the reciprocal rule applies. This states
that if it takes x days for deflection to increase by a factor of ¥
for constant load-deflection testing, then in the same x days
at constant deflection, the stress will reduce by the factor y.

1
i.e. be — times the original stress.
Y

This rule is very approximate but does suggest an ordef of
magnitude. A benefit of this creep-relaxation phenomenon
is that the initial high bending stress will relax and reduce to
acceptable levels by ihe time service lpads and stiesses are
applied. To investigate this further, several lengths of hemlock
were bent to a predetermined radius of curvature by means
of an eccentric calibrated spring as shown in Fig 26.

This radius of curvature was calcutated 1o give the same
extrerne fibre stress as would exist in B0 mm square timber
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Fig 30. Typical foad deflection curves recorded in shear
stiffness tests

being bent to 6 or 12 m radius of curvature. The curvature was
noted as 6 or 12 m equivalent radiys,

The radius of curvature was maintained constant and the
reducing spring force was measured over a substantial pericd
of time. The effect of compressive stress due to the load
application method. is small, and the stresses can be
considered fo be purely bending for the purpose of caleulation
of stress relaxation,

The results of these tests are presented in Fig 27, non-
dimensionalized and plotted to a logarithmic time scale.
The tesis were useful in that they demonstrated that the
high initial bending stresses relaxed quite quickly, although
they were carried out in internal conditions where the relative
humidity would not vary as much as outside, and this could
alter the creep behaviour.

Shear tests orr node Joints. The development of the standard
node is described in the section Development of details on

page 123. The shear stiffness of the nodejoints-q is given by-g

where Fis the force transferred between the upper and lower
taths at a joint and § is the relative movement (Fig 28). The
value of % controls the out of plane shear stiffness of the
tattice. The problems associated with the shear stiffness of the
joint are described in the section on  Mathematical
modelfing on page 118. In order to justify the values of shear
stiffness used in the collapse load computation a series of
tests was carried out.

At first, it was thought that the interface slip would be the
main problem and so tests were carried out 1o investigate this.
A test rig was set up as Fig 29, a large spring of known
stiffness being used to control the clamping force. This was
tested on an Avery Dennison Universal testing machine and a
continuous Joad-deflection plot was made. Fig 30 is a
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typical set of results for a joint loaded several times cyclically ;
the slip points can be clearly seen. If the jeint did not slip the
piece of lath in the middle would start to roll round. The
joint could then be taken up 1o a high load without shipping.
These tests indicated a shear stiffness at tow loads of up to
160 kgf at 1000 kgf/em, and this vaiue was used for the
computation.

After some computer runs had been made it became
apparent that the shear stiffness was more critical to the
collapse load than envisaged. It also appeared possible that
the long spring could influsnce the shear stiffness and so
when the washers for the real joint became available a further
series of tests was made. These were caried out with the
disc springs in various stages of compression. Fig 31
shows a typical set of load/deflection curves. These indicate
that the curves are linear for a range of bolt loads from 500
down to 350 kgf (four turns undone) with an y of 1000 kgf/cm.
This can only mean that the deflections are controiled by the
shear deformation of the middie piece of timber and local
deformations of the contact points. A check calculation on
this basis gave a shear stifiness of a similar order of magnitude.

Tests on boundary connection. The maximum lath force is
around 750 kgf and is transferred 1o the boundary by bolts in
shear. The minimum edge distance allowed by DIN1052is3 d,
which means that the maximum permissible diameter of bolt
should be 8 mm. The aflowable bolt loads from DIN 1052
and from BS112 are shown in Table 2.

TABLE 2
@ DIN 1052 ¢ BSi12 Short term and
foad sharing
8 110
10 17¢ 85 150 194
12 240 125 230 343

To take the maximum lath force in single shear would
require seven 8 mm diameter bolts and the rules for spacing
would not allow these to fit on the edge board. It was
necessary 1o go outside the DIN rules to make the boundary
connections and so it was proposed to carry out tests to prove
the strength of 10 mm and 12 mm bolted joints.
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the timbet, especially if the diying schedule is too severe, as is
now admitted by some suppliers of salts.

As generally the strength and stiffness properties of timber
vary in proportion, this discovery caused considerable anxiety
Jest the elastic medulus be reduced as well. To check on this a

Fig 32. Agsembly for boun dary connection tests

A test assembly as Fig 32 was arranged using 12 mm ar.d
20 mm bolts in accurately drilled holes. The end clearance wis
50 mim. The assembly was tested in tension and load defiec-
tion curves as Fig 33 were obtained.

On the basis of these tests, bolt loads of 200 kgt and
400 kgf were agreed for the 10 mm and 12 mm bolts,

Rotation of fattice joint. The mode! testing work indicated that
it was necessary 1o develop some in-plane shear stiffness in
the lattice either by ties or by making the node joints rigid
against rotation. The typical node joint, Fig 50, incorporates
spring washers to obtain a clamping force. This force gives
the node joint some resistance to rotation.

1n order to evaluate this shear resistance, simple rotation
tests were carried out. A joint was assembled as Fig 34, and
loads wete applied to the cantilever part by hanging a weight
at varying radius. Deflections were measured using a dial
gauge. Tests were done with virgin surfaces and after
polishing by repeated rotations. A plot of the moment/
rotation curves for polished surfaces is given in Fig 35.

Effect of fire-proofing salts
The hemlock laths had to be wreated with flame proofing salts

10 satisfy the requirements of the fire officer. A sample panel
complete with covering membrane was tested by lighting a
fire beneath it to see if the fire spread. This test was con-
sidered to be satisfactory.

in the impregnation process 6 to 8 per cent of salts were
absorbed into the timber in a water solution. The timber was
then dried to a moisture content of around 10 per cent for
glueing. In this drying process the salts combine with the
walls of the cellulose fibres. This can reduce the strength of

Fig 34. Rig for tests on rotation of node foint
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series of 4-point bending tests was caried out at the
contractor's factory on treated and untreated timber. In these
tests the central deflection was measured with a dial gauge
and used to calculate the efastic modulus. The tests indicated
that there was a 20 per cent drop in bending strength but it
appeared that the elastic modulus increased by 10 per cent.

Model testing

Essen model

As soon as structural design was started, it was decided to
make a Ys scale model of the 15 m span Essen dome to help
gain some understanding of the behaviour of lattice shells,
It was also decided to make the laths as thin and flexible as
possible so that the structural properties resembled those of
the Mannheim Muitihalle shell. The most suitable material
for the mode! laths was perspex strip which had a Young's
madulus % of that of timber. it was also easily worked and
jointed.

The basic fattice for the model consisted of 3 x17mm
laths at 50 mm centres. The dimensions of the model were as
Fig 36. The joints were made by drilling small holes in the
members at 50 mm centres and then passing small pins
through the holes. The pins were then bent over to complete
the joint. The laths were cut to length using the cutting
pattern obtained from Atelier Warmbronn and were tied
down with adhesive tape to a preformed base board {Fig 37).

The model was loaded by hanging bundled 100 mm nails at
the nodes, the average weight of each najl being 12.5 g,
Each load case consisted of a uniformly distributed [oad
plus a point lead at one of three peints denoted as centre,
side and corner. With the UDL constant the point load was
increased and its deflection measured, This enabled the
failing load to be determined. The UDL was then increased
and the same procedure repeated. The failing point loads were
then plotted apainst the UDL to establish the critical UDL,

Four ssts of tests were carrded out with different conditions
of diagonal restraint. These were:

{A) pinned joints;

(B} glued joints, i.e. no rotation at the joints;
(C) pinned with loose ties;

(D} glued with nylon ties at all nodes,
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Fig 37. Essen model under load
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Interpretation of results
For test case A the ‘corner point gave the lowest failing load.
With this case the geometry of the structure allowed large
Sway movements to take place which greatly reduced the
failing load. This mode of failure was prevented by the
addition of some diagonal stifiness, and with ties this point
became the strongest. The addition of diagonal “stiffness
increased the collapse loads and decreased the deflections
prior to collapse, thus making the collapse far more sudden.
The centre point gave the most consistent failing loads.
In the graph, Fig 38, the maximum centre point load is plotted
against UDL to predict the critical UDL for each of the four
sets of tests.

Scale factors
Dimensional analysis'® was used to compare the properties
and behaviour of the model to that of the real Essen sheli
and also to try to predict the failure loads of the Mannheim
sheils.

The properties of the structure which define and control
its behaviour are listed as follows -
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S = Span
it the model is geometrically scaled then its size
can be represented by a typical dimension, say

the span
FI »x = The out of plane bending stitfness of the surface
a per unit length (a = spacing of laths)

Ely =is proportional to the contribution of the timber

4 members 10 diagonal stiffness, if the joinis
between timber members are rigid

EA = is the axial stifiness along the timber members

—

a per unit length

E°A' =is proportional to the contribution of the ties to
k2 the diagonal stiffness (A= area of ties, ka = tie
spacing}

The colipase load Ger is defined as a function of
SEI,,, El, EA EA

——in —_—
* 1

2 $  a @&

As there are six terms involved including g and two
dimensions, force and length, four independent non-
dimensional groups can be formed such as:

I= g Ger
Elee = Elex ¥ 1
a s a g
"= & Iyy < x Ely x 1
a® Lex a* Elcx
a
S*A EA 1
= = 8§ % — ¥ o
Ixx a Efxx
a
2 I .
!V:g_.Eﬁ— = 8% x EA X 1
k E Iex ka E Ixx
a

It is possible 1o form other non-dimensionat groups such as
a*A .
T but these further groups are only combinations of Ito IV
¥y

above. Hence!:

2 2 LAY
Tor [szlyy s A sEA] @

Fh. |Fle  I= kElx

a5

Equation 1 shows that non-dimensional group lis a
function of Il NI and 1V only. Hence, if the model is con-
structed so that the numerical values of the groups H, 11t and
[V are the same as on the full size structure, then the group |
will also have the same value on model and fuil size structure.
If group | has the same vaiue for the model and the full size
structure, then the collapse ioad on the structure can be
found from the collapse load on the model, since

Elxx
a

The deformation of the grid shell is mainly due to out-of-
plane bending and diagonal distortions of the grid squares.
If the diagonal stifiness is much less than the axial stiffness
then the influence of the group 11l properties can be ignored.
The diagonal stiffness is made up of the in-plane bending
stiffness, group 1l and the tie stiffness, group V. If the ties have
a greater stiffness than the in-plane bending then group v

is known for both.
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will overshadow group 11. In this case, group | will be the
same for the model and full scale structure provided that the
tie stiffness is correctly scaled.

Therefore, to scale up the critical load from structure 1 to
structure 2, this expression is used:

[Elxx }
W= 2% 1w

[Elxx ]

el
ER @
Prediction of collapse foads

In Table 3 the results from the Essen model testing are
scaled up io predict failing loads for the Essen shell and for the
Mannheim shells with both double and single grids. The
Mannheim shells are not geometrically similar, and so an
average value of the radius over the large area of the dome
was taken as the controlling dimension (S) and compared
with a similar dimension for the Essen model.

Ger_

Jer )

]

TABLE 3
Coltapse load including
structure
own weight in kgf/m®
Rigid joints Rigid joints
with ties
Essen shell (single layer) 150 —*
Mannheim Multihalle{single layer) 38 —¥
Mannheim Multihalle (double layer) 100 160
Mannheim restaurant shell (single
Jayer) .. .. .- .. 5-8 w—F
Mannheim restaurant shell (double
layer) . . 160 240

*Mode] results cannot be meaningfully scaled as the ratio of tie
stifiness to out of plane bending is not correct,

‘The results demonsirated quite clearly the low buckling
capacity of a single layer grid for the Mannheim shelis. They
also indicated the advantages of having a double layer grid
with ties, and on the basis of the tests the decision was taken
to double the grid.

Unfortunately, the model tests for a single layer grid
cannot accurately predict the behaviour of a double layer
grid, as the out-of -plane shear stiffness becomes important
and cannot be modelled. The importance of this effect was
not fully realized unil after 3 Multihalle model had been
made and tested, and the results compared with the
compuier model. It is discussed under Comparisont with
computer results, page 117.

Details of Multihalte mode!

A model of the Multihalle was constructed in a similar way
to the Essen model described. 1t is to @ scale of 1:60 and
consists of 1-40 mm deep by 2-60 mm wicte perspex members
in a single tayer with a joint spacing of 50 mm. One perspex
member therefore represents &0 x /50 =06 double layet
members on the full scale structure.

The joints were not glued 'since the tests of the full scalt
joint showed that a single bolt connection does not providi
suffictent stiffness to prevent relative rotation of the member
in the plane of the lattice. However, the tests on the Esse
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Fig 40. Muftihalle mode! under foad

model showed that the effect of glueing the joints is slight,
The effect is further reduced if ties are present.

The model was built on a timber base board with perspex
rod and sheet to reprasent the supporting columns, beams,
arches, and concrete walls. No attempt was made to scale
the stiffness of the supporting structire except for the arch in
the Muliihalle. This is bscause the deflections of the
boundaries will not be large enough significantly to affect the
behaviour of the sheli.

Some of the tests were performed with diagonal ties consist-
ing of stout linen thread added to the model. The ties were at a

spacing corresponding to 3\/2 m on the full scale structure,

and were attached to the nodes by wrapping the thread

around the pins and then adding a drop of glue,
Photographs of the model are shown in Figs 39 and 40,

Test procedure

The model was tested using a simitar procedure to that
employed for testing the Essen model. A distributed load was
first applied to the model and then a point load at various
locations in turn. At each tocation the deflection of the
structure was recorded as the point load was increased. The
test tocations are shown in Fig 41,

The procedure was adopted since it is possible io predict
the collapse load from the load-deflection curves without
actually collapsing the model. There was reluctance to collapse
the mode! since once started, the collapse is difficult to stop
and would result in considerable damage. This is especially
so when the model has ties, due to the higher load cairying
capacity, and this was demonstrated in the final Essen modsl
test.

Theload wasagain applied using 100 mm nails each weighing
12-5 g. The deflection of the structure under a point load
was measured, using a dial gauge for the first experiments.
Latet, a lever arrangement was fabricated out of fine wire to
avoid the friction inherent in a dial Qauge, and this enabled
readings to be obtained using smaller point foads, This meant
that the stiffness of the structure could be evaluated without
affecting it by gross local deformations,
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Fig 41. Multinalle plan with test foad points

Test results -
The load/deflection curves for point A without and with ties
is given in Fig 42{a) and (b). Each curve represents the
foad/deflection behaviour with a constant distributed load.

The applied UDL is given by the ringed number adjacent
to each curve. This number has to be multiplied by 0-625 to
give the UDL in kgf/m®

Fig 43 shows how the point load/deflection behaviour
varies with the UDL, These curves can be extrapolated to give
the collapse UDL. In each case the curve which predicis the
lowest collapse UDL should be used. The collapse UDL for
the mode! can, therefore, be 1aken as:

4-5x 0625= 28 kgf/m® with no ties
20 x (0-625=12.5 kgf/m? with ties

Scaling of results
As with the Essen model tests, the results were scaled using
the non-dimensional group
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Scaled up in this way, the collapse load of the Multihalle
shell was predicted as 63 kgf/m* with no ties and 280 kgf/m?
with ties, and consequently ties were adopted for the real
structure.

Comparison with computer results
The computer model with additional out-of-plane shear
intreduced in highly stressed areas predicted a collapse load
of slightly more than 100 kgf/m® under uniform loading (see
Multihaile results, page 123). The ditference between this and
the 280 kgi/m? predicted by the model tests occurs because
the perspex model does not scale the shear deformation of the
double layet members of the full scale structure. This is largely
controlled by the slip/unit force n" of the individua! node
joints. The values of 7 are discussed in the section on mathe-
matical modelling and tests to establish 7 are described in
the section on timber testing.

A suitable non-dimensional group, including %, can be
added to those on page 116,
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ing using a single layer model. The perspex mode! corresponds
to a full scale structure with a very high value of joint stiffness
and therefore predicts a higher collapse load than the
computer mode! in which realistic values of 77 were used.

In spite of this drawback, the model was useful in providing
qualitative data showing the type of buckiing failure to be
expected and the critical areas of the structure.
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Mathematical modelling

The most crucial part of the analysis of the shells was ths
evaluation of the collapse load under various load distributions.
This involved an analysis to predict the buckling behaviour
and also to investigate stresses in the shells which greatly
increase as the buckling load is approached.
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The most interesting aspects of this analysis are not so
much the intricacies of the methods employed, which have
all been used before to various extents, but the ways it was
necessary to idealize the structure in order to perform the
analysis. This is, of course, a problem common to all structuraf
analysis; however, in the case of the Mannheim shells, the
complexity of the structural behaviour and the novel method
of construction made it especially difficult.

There is always some degree of uncertainty in buckiing
calculations, partly due to approximations in the calculations
themselves and partly due to the influence of constructional
inaccuracies and other effects. Safety factors are therefore of
great importance and these are discussed on page 123.

Analytical technigues
When the computer analysis of the shells was first
considered, two alternatives were available; either to use an
‘off the shelf’ program or to write one specially. The second
alternative held and still holds many attractions since there
were certain phenomena—for example, the shear stiffness of
the double layer grid—which required special study. it was
felt that it should be possible to wirite a program which was
economical in computer time and storage if the reguilar
nature of the grid were utilized. This last point is important
since the principal of superposition cannot be used in a
situation where buckling is being investigated, and thus
many more computer runs are necessary than is usually the
case. However, it was decided that there was insufficient
time to develop a program, and also the development costs
could be prohibitive.

Standard linear structural analysis progratns are based on
the assumption that the equations refating the nodal forces
to the nodal displacements are linear. In other words

N
Pi= X Kid; e (1)
F=1

where F; is the foad or moment corresponding to the /% degree
of freedom of a structure, d; is the displacement or rotation
corresponding to the % degree of freedom, Ky is a stiffness
term and NV is the total number of degrees of freedom. There
would be & such equations and most programs then simply
rearrange the equations to get

N
d= I F3P )
F=1

where F; is a flexibility term. The deflections corresponding to
loads £, #,...P;... Py can now be found by substituting

into these equations.
In the case of buckling or any non-linear behaviour, the
nodat forces can again be related to the nodat displacements:

Pi=dildude....di....dy)  ....(3)

where this time ¢; is a non-linear function and would contain
such terms as ,2 and d,d,. It would be nice 1o solve these
equations and get a solution of the form

G=0: (P Poue Pi., PY) e (D)

Once this is done for 3 particular structure, it would only
be necessary to feed in the values of Py 1o Py for any
particular load to find the displacements and hence strains and
stresses. Unfortunately, this is generally not possibie and in-
stead the set of equations (3} has o be sclved numerically.

First program type

Two programs were investigated in detail. The first program
predicts the buckling load of a structure by making assump-
tions which vield the following equation:
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AP, = [K—AG] d

where A P, is the external load vector

A being the load factor

d is the displacement vector

K is the normal linear stiffness matrix

G is a matrix whose terms depend solely on the
geometry of the structure and a linear combina-
tion of the internal forces within the structure
under a given load P,. These internal forces are
found by performing a purely linear analysis,

The structure is considered 10 have failed when the load
factor is such that the displacements tend to infinity.

This corresponds to the matrix [K — A G] being singular or
the determinant of this matrix being zero. This leads to a
polynomial in A, the lowest root of which gives the load
factor at collapse.

The assumptions made in this method generaily result in
the collapse load being overestimated except for the case of
the loading being funicular, when the ‘exact’ solution is
obtained. The method is analogous to the ‘classical’ methods
of analysing columns, arches and shells, and these also tend
to overestimate collapse loads.

These thoughts are confirmed by Tezcan and Owvunc®
who give further examples of structures where the method
yields optimistic resuits.

In the case of the Mannheim shells, although the structure
is designed to be funicular for self weight, there was
concern as to the effect of non-funicular snow loads and
imperfections and for this reason the method was rejected.

The method does, however, present certain advantages
for structures where it is possible to estimate the degree of
error in the result and adjust the safety factor accordingly.
One advantage is the reiative efficiency in terms of computer
time, and a second advantage is that the foad factors and
deformation patterns can be found for a number of modes of
collapse from only one computer run. This would be useful
in a structure where it is possible to suppress the primary
mode by some method and hence make other modes eritical.

Program adopted

The second program examined uses the method described in

Tezcan and Ovunc® and was written by Electronic Calctlus

Inc. The program was found to be more suitable and was used

on a Univac 1108 computer with augmented core storage.
The method soives the set of non-linear simultaneous

equations

Fisdild, dy.. dr . dy) (1) (Equation (3).

using a technigue based on the Newton-Raphson fteration
scheme. The method involves the repeated solving of sets of
linear equations to obtain successive approximations to the
solution. The calculation is terminated when a sufficient
degree of accuracy has been obtained.

The set of eguations to be solved to find the {r + 1)%
approximation to the solution can be written as follows :

Pie (P2}, = '—3% (Y (A1} +

:%i ({d2)rpe~(d2)r)

i ;
+... + S:;!:T ((d)')r+1_(05)r)

o+ g‘i\r r((dN)r+1"(dN)r) e {2)
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The values (F;), and the partial derivatives (-:;ﬁ,') are
4 r
found using eguation (1) and the values of displacement
(). . . {dx}r obtained from the previous {teration. The set
of equations is linear in {d)rpy--- (dN)ry, and can be
solved using standard methods involving mairix algebra.

This procedure is repeated replacing by r+ 1 until the
error represented by P;— (P;)r is within acceptable limits, The
first set of displacements {d.),...{(dn), are calculated
assuming {d)o = (d2)o= ... (dN)o = 0 and the results from
the first iteration will therefore be identical to those obtained
from a purely linear analysis.

It should be noted that the solution obtained will apply to
only one load distribution and load factor. The whole analysis
will have to be repeated for each separate toading condition.

This procedure can be expressed graphically for a structure
with only one degree of freedom (Fig 44).

If the load imposed on the structure is greater than the
buckling load, then no solution can be found. Thus bounds
can be obtained for the buckling load—the lower bound being
the highest load at which the program converges and the
upper bound the lowest load for no solution.

Further technical details of the method can be found in a
paper by Tezcan and Mahapatra™, which -goes into more
detail than the paper by Tezcan and Ovunc quoted at the
start of this section.

Input data and derivation of member properties

Having decided on a suitable program, the next problem was
to form a mathematical model of the structure suitable for
analysis by the program. ldeally the model should
contsin the same number of nedes as the true structure, have
curved members and have loads applied along the members.
There would be nine degrees of freedom at each node (see
Out-of-plane bending and shearand In plane forces, page 121}
and the ties would be represented by members which are
removed when they are in compression. Additionally, the
stress/strain relation of the timber would be non-linear and
would also be time dependent to represent creep.

The program chosen did not fulfil any of these require-
ments. It used straight beam elements between nodes with
six degrees of freedom. To reduce computer time with the
iterative solution technigue the program had been written to
operate entirely in core and there was therefote a limit to the
number of nodes which could be used.

Eor the Multihalle one computer node represented 144
nodes of the real structure and for the restaurant 81. The
input data had to be selected so that this coarse grid of beam

120

elements would model the behaviour of the real structure,
The member properties for the true structure were derived
assuming linear stress/strain behaviour and the data obtained
from the timber tests. They were then maodified for the
computer model where one straight member represents 2
number of curved double fayer members of the true structure,
The relevant co-ordinates of the stiucture were selected
from computer cutput produced by Biro Linkwitz and 1AGB.

Out-of-plane bending and shear. if the members and joints
of the structure are assumed to have linear load/displacement
properties then the bending behaviour of a member out of the
plane of the lattice will be dependent upan three properties:

{(a) the value of Young's Modulus, £;
{b) the geomeiric properties of the section;

(c) the stiffness of the joints in the structure in taking
horizontal shear forces.

For the arrangement shown in Fig 28, the force £ can be
related to the moment M and curvature X by considering
longitudinal equilibrium:

The slip § can be found by compatibility of displacements:

ds =1(13bEK M )

ax E\" 6 287

. . F
Hence, using the relation — =7
8

a? 1 2 (13
Phai — =_ = HE_ = pa _
e (M Gb EK) e E(G.b EK M)....(1)

Equation (1) is the governing equation for out-of-plane
bending of a member.

As a check, it can be seen that if % is infinite, M=

13 1

3 b EK, and if p=0 then M= 5 b* EK. This is as one
. 13 .. .

would expect, since 'y bt is the value of the full compaosite

1
second moment of area, whereas 3 & is the sum of the

individua! second moments of area of the two laths.

It is possible to represent such a structure in a computer
analysis. However, to do so it is hecessary to introduce an
extra degree of freedom at each end of 2 member, or two
degrees of freedom per node, one for the members in each
direction. A suitable degree of freedom would be the slip, S.

If po extra degree of freedom is introduced, then the nearest
member eguation which can be found is

2 —
Eﬂi=_2_’?(1§ ,,.EKdM) .

The behaviour of a member obeying equation (2} can be
compared with a member on the true structiure obeying
equation (1) by consideting the following simple examples:

The Structural Enginesr/March 1975/No. 3/Volume 53



w

AaN>rg ooy

2)

Jde
g

53

EXAMPLE OF BUCKLING LOAD OF PIN-ENDFD COLUMN
If the length of the column is £, the buckling foad, Per,
using equation (1) above is given by

26 , En? 1 En® ab?
P o A (1+ > )

22U Cim

26 L4
1 £x° ab?®
T+ = e ——
2 I¥
and if x is large

26 En? 1

BT z
i y 126 ar 12 |Ewar I
26 L*q 26°7 L3y

Equation (2) gives:

Py =

26 Ex? 1
Po=0 ¥
12 12 Ex? ab?
26 Liq

EXAMPLE OF SIMPLY SUPPORTER BEAM WITH UNIFORM LOAD
For the true model of a beam span £ with a load W/ unit ength,
the midspan deflection § is given by

wee 15 3 |, 2 1 ;
26 '€ | 384 B8  \cosh 1/

12
_ 26y 42
where § = b F

For the computer modef, the beam can be replaced by a
string of N shorter beams loaded at the nodes by loads equal to

Wi
i It /¥ is even the midspan deflection is given by

s s [ 4l 3
265°€ |3841 “En% | 89

12
A 5 + 3 N
:?Eb‘g 352 a7 i is large
12
. 26n L2
A , where f =
gain, where Tob'E

It can be seen in both examples that if % is large, the
deflection due to joint fexibility is identical for both computer
and true models. In addition it can be seen that if 5 is reduced,
the computer underestimates the true member stiffness. The
approximation is therefore safe.

Equation {2) is represented in the compurter in the follow-
ing form;

M A M
@RIy M)

where Iy = full composite second moment of area
A member area
v Poissons ratio (used to determine shear
moduius, G)
Ay = area shape factor
To bring equation (3) into the same form as equation (2),
Ay-must be given by the relationship

fl

. £ 72 &
b3 e

Since one member in the computer analysis represents a
number of members on the true structure, the values of 4
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Fig 45

and Ly in the computer model are chosen such that A/L and
Iex/L are constant for the computer and true models, where L
is the member spacing which equals the member length. v and
Ay are independent of £,

in plane forces. In plane forces are taken in three distinct
ways:

(a) axial forces in the timber members;

{b) axial tensions in the tie members:

(c) shear forces in the timber members ;

The axial stiffness of the timber and tie members depend
solefy on their cross-sectional areas and the values of
Young's modulus. The ties can only transmit tensife forces,
but in the computer model the ties can also transmit
compressive loads. However, the axial stiffness of the ties is
low compared to that of the timber members and also the
timber members cross approximately at right angles, It can be
seen, therefore, that one tie in tension is equivalent to one
tie in compression or two ties of one half the stiffness, one
in tension and one in compression. (See Fig 45).

The tie areas in the program are therefore taken as:

{Tie area on true structure} x %AB if computer model
has ties in two directions

or {Tie area on true structure) x AB if computer model has

ties in only one direction. '

Tie spacing on true structure

Where A = — -
Tie spacing on computer model

Tie Young's Modulus
Timber Young's Modulus

The last term is necessary since the program assumes that all
members have the same material properties. The area of the
timber members is taken simply as their actual area multiplied
by the ratio of member spacing of computer to true model.

Shear forces in the timber members act in conjunction with
the ties in resisting forces in the lattice in the directions of the
ties. The behaviour of the members in taking shear forces is
dependent on the following thiee factors

(&) their bending stiffness about an axis normal to the

fattice;

(b} the member spacing:

(c) the stiffness of the joints on the structure.

The relative rotation of the timber members in each direction
at the joints represents an additional degree of freedom at each
node. The introduction of an extra degree of freedom can be
avoided by making the assumption that the moments at the
ends of each member are approximately equal. ¥ this
assumption is made, then the joint flexibility can be repre~
sented as a member shear flexibility.

H the lattice in Fig 46 is subject to strains e, ,, ¢, 2 and vy,
then the contribution of member shear forces to 044 Oz and
oy, is given by

(02, Cos? @ -0, 5in* @) _

cos asina
12£T,, 1
L |T+aze, | C22ms)
2KL

where K = joint stifiness, M/0, as described on page 114.
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The joint stiffness K can be replaced by a member shear
stiffness such that
LAE

L 41+ A

Where ¥ = Poisson’s ratio
Ae = Area shape factor for in-plane shear forces

L8 (5, COS% — 04, SiNG)

cos o sin o
12€1,, 1
o (T T gy |
174
The term ! i
Bt T Pan F L, |
1A

equal to the drop in member stiffness due to shear flexibility
it the member axial foads are relatively low and the moments
at the ends of the member are equal. This can be seen by
examining the member stiffness equations given below.

Therefore, the value of I, in the computer model is chosen
such that J,,/L? is the same for computer and true models. As
mentioned previously the member area A is chosen such that
A/L is constant. Therefore, A. is taken as the same value in
the computer model as in the true model.

Reduction in member stiffness by axial forces. The presence
of axial force in the timber members alters their shear and
bending stiffness. If the force is compressive then the stiffness
is reduced, if tensile it is increased. In order to handle members
with high shear flexibility, the program had to be amended so
that the memnber stiffness equations were as follows:

1# M, 8, 4 and P are defined as in Fig 47 and 8, coresponds
to the degree of freedom common to all members meeting at
joint 1, then

_aer | s, 8.}, [S: S
M. = T[f (E‘+T)+('2‘"T)] =9
2E] S, S,
"‘T{E(s:""’z—)—(sa——z—)] 7.-¢) -..-(1)

Where §, and §, are non-dimensional stability functions:

(1—2pcot2ulp

&, = Flanp_w (Compression)
1-2 th 2
_ O -Zpcoth 28 4 sion)
4 (tanh p—u}
2u cosec 2p—1
&, = g2y cosec 2p: - 1) (Compression)

2 (tanh p— i}
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LINE JOIMHNG ENDS OF MEMBER
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DETAILATEND 1
Fig 47
» (2p cosech 2p— 1) (Tension)
2 {tanh g —p)
PLE %
GE-X2(1 + ) P
A
—PL® %
HE-A2(1+wyP) 1
A

1+A8 (25,+8,) 1+
124

(Compression)

"=
Il

[

(Tension}

and 1/e =

E I A v and X are as previously defined. When I=1
A=Ay and when I=Iyy, A=A

In the case of a member with high shear stiffness, ¢ =1
and equation (1} reduces to the form

AE] 2E7
M,= T“Si(gi"“;b} + ‘_L‘_Sz {92'_‘#)

This is identical to the equation quoted by Horne and
Merchant®® if the stability functions §; and S, are replaced
by s and ¢ such that:

s = 45,
and ¢ = &,
25,

The member stifiness described by eguation (1} is very
ditferent from that of a member with high shear stiffness. For
example, in the special case P = 0, both §, and S, are equal
to 1-0 and equation {1) reduces to:

4gl

= — (0:75¢ +025) 6,~¢)

m,

+ .Z_‘E{ {15 —05) (§.—¢)

If the shear stiffness is high, ¢ = 1-0, but as the shear
stiffness is reduced € also reduces. Thus at some point the
term (1-5e —0-5) will be zerc and will then become negative.
The physical meaning of this can be seen in Fig 48.

15 end A of the beam is rotated by the angle . the resulting
moment at the fixed end B is given by

= ZTE] (1-5¢ - 0-5)8

2Ef . .
If ¢ = 1-0, the standard result M = - { is obtained.
El g
if ¢ = 0, a moment of opposite sign is produced: M:— W

This can be seen physically by considering Fig 49.
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M
Fig 48. (Diagram for shear stiffness example)

M=—Fh
g = FL = FLA
El
2 I
_ o
ie. M= Tﬂ

Boundary conditions. The boundary conditions of the true
structure comrrespond to elastic supports. However, it was
decided that except for arches and cables, it would be
sufficient to provide fixed ‘pinned’ supports for the computer
model. This is because the transtational stiffness of the
supports is high and the effect of edge rotation is smali
except in the immediate region of the boundary. The effect of
the pinned supports, if any, would be to reduce the buckling
toad. A small number of boundary nodes were fixed in
rotation; this was necessary to reduce the half bandwidth
of the structure stiffness matrix to enable the computer model
to be analysed with the core storage availabie.

The arch and cable boundaries were modelled by intro-
ducing members to represent the arches and cables.

The program handles only one load distribution and one
load factor per run. This is due to the fact that superposition
of loads cannot be used since the load/deflection refation-
ship is non-finear.

Multihalle results

The Muttihalle model had 192 nodes, 297 main members
representing the lattice, 254 ties and four members
representing a boundary area. A total of 14 runs was carried
out for varying load cases and member properties. The first
four of these runs were invalid as it was discovered that the
program was not able to accept members with very tow shear
stiffness. The program was altered before the fifth run to
include the member stiffness equations given previously.

The ninth run with a UD load of 105 kg/m? failed to
converge, but in a way that indicated that only a small
reduction in load was necessary, The shear stiffness of the
nodes for this run was taken as 2540 kgffem. Subsequent
madifications to the tie connection details altered this value
and further tests on the typical node confirmed that the value
should be 1000 kgf/cm. Runs with this value of shear stiffness
and a UD load had failed, so it was known that the shear
stiffness had to be increased in certain  areas. Hand
calculations were carried out to test the effect of shear
flexibility on an eguivalent column section, and these
indicated that the faths with high axial forces needed extra
shear stiffness. The computer model was altered so that
certain members had shear stiffness values of 2640 and
5000 kgf/cm depending on the axial load and run 12 with
this pattern converged with a UD load of 100 kgf/m? (load
factor = 2-85).

Runs were also carried out with a heavier load on the un-
heated area and run 13 with the same varying values of shear
stiffness converged with loads of 150 and 87-5 kgf/m? on
the unheated and heated areas respectively. (Load factor =
2:5)

Restaurant

Having discovered the problems with the shear stiffness for
the Multihalle, the runs for the restaurant were carried out
with the intention of finding how much stiffness was
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necessary. The computer model had 224 nodes, 318 lattice
members, 165 ties, 20 arch members and 15 cable boundary
meinbers, It was possible to include more nodes than in the
Multihalle model, since ties were only added in one direction
instead of two. This effectively decreased the band width of
the stiffness matrix.

The first three runs were carried out with a deliberately
high load to test the program and to obtain a pattern of forces.
After this, the shear stiffness of the members was increased
in areas of high force. Some problems were encountered with
the arches due to shear flexibility since the program
assumes that all members have the same valve of v, A, and Ay

Run 7 converged after 8 cycles at a load of 150 kgf/m*
(ioad factor 2:5). This run was particularly interesting as the
structure was on the point of collapse and had developed
targe deflections in critical areas.

It was feli that the flat area by the river was particularly
susceptible to non-uniform loading and so further runs were
tried with an additional load in this region. These indicated that
additional bending stiffness was required and so additional
laths were inserted. Run 10 converged with loads of
110 kgf/m* generally and a load of 150 kgf/m? on the flat area.

Safety factors

For normal beam elements it is conventional to calculate the
moments applied to the beam by the loads and compare these
to the breaking strength of the beam. For such a simple
example, it does not matter whether the safety factors are
applied to the loads or to the stresses. The cument
philosophy is now changing from factored stresses to
factored loads.

Buckling problems have never besn treated so simply. For
timber and ifron columns, it has been known for a long time
that Euler's theotetical buckling load cannot be achieved,
because the foad is never concentric. Early investigators,
particularly Hodgkinson®™ and Claxton Fidler?® devised rules
to cover these errors which were expressed as tables of
ultimate stress against values of length divided by diameter or
radius of gyration. The same approach is currently applied to
steelwork but using the Perry Robertson formula®. This makes
allowances for initial curvature and secondary moments at
the ends and includes a factor of safety of 1-7. An additional
allowance for imperfect fixing of the ends is made when
selecting the effective lengths.

For timber lattice shells the problem is more complex. As
well as a factor for the probability of the load being exceeded,
the overali factor of safety must take inte account variations
in member properties, accuracy of shape, load distribution and
the accuracy of the computer model. It is useful to consider
these partial factors along the lines suggested by IS0 2394%
as in Table 4,

Development of details

The work of detailing the grid shell can be broken down into
a series of design decisions. The details of the grid, typical
node point, ties, blocking pieces are related to the non-linear
analysis and involve stiffness. The details at the boundaries
were calculated on a strength basis with normal factors of
safety, but were influenced by geometrical requirements.
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TABLE 4

Property or factor or
particular application

Partial factor
from IS0 2394

Comments Value

Yy Variations in E

being less than this.

It is reasonable to assume that afl the timber member properties are directly related
to £, The shear stiffness tests have indicated that these are linear provided the bolts
do not become excessively slack. This must be checked by inspections. The
collapse load is essentially directly proportional to £

A mean short term valua of 111 % 107 kg/em? has been taken for timber. Some
allowance must therefore be made for the probability of the £ value of the laths

This mean value is taken at 12 per cent moisture content and would reduce by about
10 per cent if the moisture content increased to 18 per cent. i1

With long term effects the £ could drop 1o 60 per cent of this value but the dead joad
stresses are much lower than the stresses near cotlapse and although creep could
iake place at this stress level
disturbing loads. For long term disturbing loads there would be considerable

warning of collapse and so this value should be looked atin conjunction with ye,- 1-2

1-2

i the higher value of £ would still apply for short term

Computet nodel
deformation will

Accuracy of shape of
shell

with 6m straight members has poor shape. Excessive
be eliminated by site checking. 12

51 Variations in loading

See report on loads of short duration. It is presumed that snow on Multihalle will
be cleared by heating.

{For the case of a 10 kgf/m® imposed load equal to a once in 50 years' snowfall
this factor can be less.)

1-4

(1-2)

Vi Not applicable

Y53 Accuracy of computer
model and assumptions

lattice.

actual),

Can be broken down into effect of:

{a) Straight members 6 m long representing parallel laths, Pessimistic in that
effect of double curvature on out-piane hending and shear is neglected.
Pessimistic in that shape is bad (already taken into accountin ¥ m?).
Pessimistic in that member buckling ean take place within the plane of the

(b) Representation of low out of plane shear stiffness: pessimistic, see Fig 00.
{c) Effect of rotationat stiffness : pessimistic, see i plane forces.
(Pessimistic means that computed collapse load would be lower than

M2

Yeq Nature and
significance of

buckling collapse used.

Little warning and total collapse. Therefore use 4-3 where short term £ applies. if a
longer term £ was used this wouid imply 2 slow failure and a lower vatue could be

1-3

Yeo Conseguences of
failure

I the Hall is closed when the snow load exceeds the design load, the conseguences
of failure will be small in terms of loss of life. At other times this factor can be
accountad for by s

1-0

OVERALL FACTOR OF SAFETY {PRODUCT)=2-85

For the restaurant shell and unheated areas; a load of 60 kgf/m? has been taken. This includes a snow load of 40 kgf/m? which
tepresents a one-day snowfali with a return period of 100 years, or a three-day snowfall with a return period of 50 years. As the design
life of the building is 20 years, this represents an extreme value and in this case it is acceptabis lo use a value of s = 1-2. This results in

an overall factor of safety of 2:45.

The decisions leading to the selection of 50 % B0 mm
laths and the doubling of the grid layers have already been
explained

The typical node joint

In order to take advantage of the increased stiffness of the
double layer lattice it is necessary to transmit shear at each
node joint, but during erection one layer has to ship over the
other. This implies that mechanical connectors cannot be
utilised to generate shear in the finished joint, and so friction
between the timber surfaces must be used. To achieve
adequate friction there has to be a clamping force which
must be maintained when the timber shrinks. This can be
effected with a bolt and spring if the range and stiffness of
the spring is adequate.

Some years ago, the. Timber Research and Development
Association conducted some expetiments on a friction grip
timber joint to be used in house construction. This joint
used Bellville spring washers both as a means of applying a
known tension to the bolt and as a means of reducing the
affect of creep on bolt tension. Their reports suggested a co-
efficient of friction of 0-47 with the timber stressed to its
allowable bearing stress.

124

initial calculations indicated that a shear force of 150 kg
would be required, which meant that a clamping force of
400 kg would be suitable. This force gave a bearing pressure
at about the same level as the allowable stress quoted in
CP112. At this ievel, creep was not thought to be a problem.
It was anticipated that the movement of the timber between
2t per cent and 13 per cent moisture content would be
around 2 percent. (See Testing programme, page 113). lt was
therefore necessary to find a spring system which could
maintain & force of 400 kg after 5 mm shrinkage. The finat
joint, Fig 50, has four 35 mm diameter disc sptings which, in
series, gave a load deflection curve as Fig b1,

The spring washers were separated from the timber by &
flat washer 55 mm in diameter and 1 mm thick. This thickness
was chosen so that it would spread the load and thus
prevent local crushing and yet be flexible.

As explained this typical node was
to establish its shear stiffness.

tested at TRADA

Ties

The model tests on the Essen and Multihalle shell demon-
strated that the addition of ties to increase the diagonal
stiffness of the lattice increased the collapse load an
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3 No. 35mm DIAMETER ‘SCHNGRR'
DISC SPRINGS

1 §0mm x 50mm LATHES OF
}\\ \ HEMLOCK

fa}

PLAIN WASHER
OHSC SPRING

£ig 50(a). (b} and (c}. Node joints

reduced the size of the buckle, With ties the shell under
uniform loading became more brittle and coltapse was sudden,
The Mannheim shells are irreguiar in shape and subject to
natural loads which are non-uniform; for such effects
diagonal stiffness is essential to the load-carnrying behaviour
and prevents certain modes of gross deformation. The tests
on the rotational stiffness of the joints indicated that this was
low. Investigations into using the Trevira-reinforced PVC skin
as diagonal stiffening showed that the elasticity of this
material was too low to be effective, and it was stibject to
creep and deterioration in ultra-violet fight. Steel wire ties
were selected as having the recessary properties of strength
and stiffness.

By this time, some successful runs of the non-linear
programme for the Multihalle had been carried out, This
showed that a pair of 6 mm diameter 19 wire strand ties at
4-5 m ¢/c, through every sixth node in eath direction, would
provide suitable stiffness.

It was hoped to fix the ties inside the grid at their inter-
section points, but it was difficult to achieve an adequate
simple fixing able to transfer 1-0 tonne from any one pair of
cables to the laths. -

The alternative fixing arrangement was to fix the ties on
the outside of the shell at each lattice node. With the slotted
holes on the outer layer, there was no room for fixings
additional to the node bolts, so these had to be used to attach
the tiss as well. Some small sluminium cable clamps were
found which are used in electrical engineering and which use
two 8 mm tightening bolts, One half of the clamp is threaded
and can be used to replace the top nut on the standard node.
The lcose part of the clamp could be placed later and
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secured with another nut. A loose bolt could be used in the
second hole of the clamp, (See Fig 52).

There was thus no problem to gtip the wire and to transfer
the forces to the bolt. However, with the slotted holes in the
top layer of Jaths, the bolt would not bear on the timber and
some form of shear connector was required. Standard bulldog
connectors have 12 mm holes and were not suitable, It was
thought that normal flat washers with the spring washers would
have sufficient friction but simple tests proved that this was not
so. Eventually the contractor was persuaded to order 50 mm
diameter bulldog connectors with 8 mm holes, which were the
ideal connection,

The same aluminium clamp was used in groups of three
for the end connection of the ties connected 1o strips of
steel, which were bolted to the edge members in various ways
according to type.

Blocking pieces
The later runs of the non-finear programmes indicated that
lack of shear stiffness of the composite members was initiating

LOAD
Kg
500"
300}-
_+ WORKING RANGE +
19|~
1 1 1 ! 1 L
[} 1 2 3 4 5

5
EXTENSION mm

Fig 51. Load deflection curves for disc springs
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Fig 52(a) and (b). Detail of tie connection

buckling. Further tests on the actual joint confirmed the
correctness of the stiffness value which had been used. It
seemed clear from these tests that the load deflection
behaviour was controfied by shear deformation of the laths
at rght angles to and between the loaded members. The
stiffness could not therefore be increased by altering the bolt
arrangement.

Ta obtain an adequate and consistent factor of safety over
the whole of the chell, it was necessary 1o increase the
stiffness in members which had a high axial toad. This was
done in the computer model and led to satisfactory load
canying behaviour. It was then necessary 10 find a way of
increasing the out-of-plane shear stiffness in the real structure.

Blocking pieces between the laths with bolts right through
at a suitable spacing were the obvious solution. The problem
was to find a rigid connection. Bolts and dowels in pre-
drilled holes were controlled by the stitfness of the bolt in
bending and bearing. An arrangement which gave no slip at
the interfaces was required and this meant glueing or
friction grip bolting.

Glueing on site has many problems. First there was that of
tolerance ; the gap between the laths varied in width. There
was also the problem of glue: Resorcinal was the most
suitable, but this would take 10-14 days to set a 10°C and
by then the shell was to be erected in the winter. During the
setting period the glue line pressure would have to be
maintained for the curing period without movement, and it was
felt that walking on the laths would cause movement.

Because of these problems, glueing was abandoned and a
friction system investigated. Tolerance was still a problem
but this was overcome by using wedges. Three 8 mm bolts
with the standard spring washers were then used to clamp the
Jaths and wedges tight. {See Fig 53).
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{a)

Extra strengthening )

The part of the restaurant shell by the concrete boundary
adjacent to the #iver is very flat. The direct forces in the laths
normal to this boundary are the largest in both shells and the
area is susceptible to snow drifting. It was therefore thought
prudent to Wy a computer run with a concentrated load
in this area. it was found that if the load n the remainder
of the shell was reduced the collapse load was also reduced.
From consideration of the shell as an arch in the direction
of the high !ath forces, it was apparent that the additional
joad above the uniform joad was causing bending in the
flat area of the laths rather than arch forces. The bending
moments which were proportional 1o the difference in
load were causing deflections which initiated buckling.
it was considered reasonable 1o limit the difference in
loading to 40 kgf/m® equal to the design snow foad and to
strengthen the shelt for that case. To do this it was
necessary to increase the bending stiffness by 50 per cent by
adding extra double laths in that area. These were Jaid up
loosely in the grid and the bolts drilfed and fixed after erection.

Joints in laths

The laths were made up in the Poppensisker factory into
lengths 30 to 40m long by finger jotnting. The finger joints
used were only 20Tmm long with a 6 mm root, a profile
chosen by the contractors 1o suit their machines. It was one
which would be more suitable for joining laminating boards
than for this special use, and quite a number of finger joints
broke on site during handling and erection.

FOLDING WEDGE
BLOCKING PIECES

Bmen DIA BOLTSWITH SPRING
WASHERS A5 STANDARD NODE
CONMNECTLON

~ * NOTE: THE BLOCKING PIECES ARE
INSERTED AFTER ERECTION
AND AFTER TIGHTENING OF
NODE JOINTS

'15_*- i

Blocking pieces

Fig 53(z} and (b). Detail of shear
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Fig 54. Key plan to boundary types
% The long laths were joined on site by 50O x 25 mm
?z lapping pieces nailed 1o sach side, This jointing system was THE RIVER
also used to repair the broken finger joints. The splice joints
- were made with 16 nalls on each side at an allowable load
//// of 30 kgf/nail. However, following the experiences with the
/ stiffness of the blocking pieces, it was thought necessary to
check on the stiffness of the nailed joints and a reference was from the joint. The overall effect of joints and breaks would
found.® Calculations on a pair of laths bent to uniform have been a loss of out-of-plane bending stiffness in the
curvature showed that the low stiffness of the nailed joints order of 30 per cent. To stiffen up these joints and make them
caused loss of bending moment which, with the low shear stiff- rigid, the standard spring washers were used to generats
ness of the standard node, extended a considerable distance friction, two on each side of the joint.
\
e \\
ICES \
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Fig 55(a) and (b}. Arrangement at concrete boundary
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Boundary detaits

A key plan to the boundary types is shown on Fig b4.
Concrete boundaries

Some simple calculations for the connection fo the concrete
walls showed that the forces which had to be fransferred
jrom the laths were larger than had been supposed, at first,
and with the double layer grid the eccentricity was increased
and this created moments at the boundaries. A detail using a
400 = 50 mm plywood board attached to the concrete
wall with steel brackets and bolts was suggested. The ply-
wood board allowed the laths to be bolted to it with two or
three bolts which seemed to be the right number to take the
forces. The board could be bolted to the bracket and the
bracket bolted down to the concrete.

The problem of the varying angle could be solved by
having a bracket which rotated ; however, this would require
expensive fabrication and friction grip bolts were necessary
1o take the moments. The detail shown in Fig 55 was there-
fore adopted, and it was decided that each bracket should be
individually fabricated to the correct angle.

Vafley beam boundary

Atelier Warmbronn had proposed for the valley beams a
circular timber beam 500 mm in diameter with the grid shell
attached by steel siraps. Calculations proved that the
500 mm diamster beam was nicely sized, but there were
problems with the connection of the [aths. The final detail
followed that of the concrete boundary; the laths were
bolted to a 400 x 50 mm plywood board, attached to the
round beam by steel brackets and coach screws. In this
case coach screws had to be used, as bolts were impossible,
but the steel bracksts for the main sheli and for the Banana
were jointed by a foose steel strap so that they formed a com-
plete fing. This would prevent the coach screws from having to
work in tension and they were satisfactory in shear. (Fig 56).

SINGLE LATTICE SHELL : '.\“‘
BN

LA? PLATES DRH.LEDTO

FIT INDIVIDUAL POSITIONS - %
OF FASTENINGS /

Fig 56(a} and (b). Vaitey beam boundary
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The valley beams were supported by horizontal or suitably
sloped plates on top of steel columns. Horizontal forces on
the plates were taken by limber connectors. The columns
were designed to take the horizontal forces as vertical
cantilevers.

Cable and bearn boundaries

Originally, sl the external boundaries supported on columns
were intended by Professar Otto to be cable boundaries. In a
region of a grid shell where the houndary forces are fairly
constant along the edge and where the change in angle of
the boundary system fine at the columns is not so great as 1o
cause excessive reaction, cable boundaries are perfectly
feasible. Part of the restaurant shell boundary met these
conditions and has been made with cables.

The remainder of the cables were badly conditioned ; spans
varied widely along & run of cables as did the load conditions.
These would have required a change of cable force at the
column heads, and there were some severe angle changes

‘at the columns which would produce large resultant forces

from the cabte. In some areas the grid sheli twisted around the
system line by as much as 10 or 20 degrees/m. it was
decided that these factors made the use of cable boundaries
in this area impractical.
Alternatives in the form of beams were examined. Possi-
bilities which were considered were:
(a) round timber beams similar to the valley beam;
{b) thick laminated timber beams, beneath the lattice;
{c) thin laminated timber beams on gither side of the
lattice with a core of a steel tube which would stiffen
the beams against out of plane bending and torsion;
{d) thin laminated timber beams 60 ram thick on either
side of the lattice.
It was decided 1o adopt thin laminated timber beams
because they provide the correct amount of resistance to the

DOUBLE LATTICE SHELL

BOLTED/TO/EDGE[BOARD \

PLYWOOD EDGE BOARD
BOLTED TO BEAM BRACKET

SYSTEM LINE

STEEL BRACKETS FIXED TO
LAMINATED BEAM BY 12mm
DIA. TIMBER SCREWS

500mm DIA. LAMINATED
TiIMBER BEAM
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lath force with the minimum increase in edge thickness.
The simpiest way to connect the beams to the columns was
to connect the beams to paraliel steel plates with timber
connectors, and to weld the plates to the top of the
columns (Fig 57). Although the connection was simple the
geomelry was not; every beam/column connection had
different angles of fine and twist. it was realised that the
plates would have to be accurately cut to profile and
accurately positioned on the columns and that there would
be no way of checking the accuracy of the resulting work
except by offering up the beams. Ove Arup & Partners
refuctantly undertook to define the profiles and the marking
system for the plates, They also undertook to supply the
contractor with the exact lengths of the beams to fit the plates.

To calculate the plate profites a geometrical program for the
Hewvlett Packard desk computer was written. The input for
this program was the system point of the column head, the
bottom of the column, the system point at the other end of
the beam and a point in the lattice. The program took a week
or so 1o prepare and because of the difficulty of checking the
output a second program was written.

Having got confirmation that the progtams were giving the
correct answers, work started on plotting the profiles full size
on pre-prepared drawings. As this work proceeded it was
realised that there were inconsistencies in the Linkwitz
grid in the region of boundaries which met at an angle. It alse
seemed that some beams had to be twisted through 90° in
5 m so that the grid weuld fit. To overcome these difficulties
it was necessary to select the grid points with care, and in
some places the points were adjusted to ensure an even
stope of the boundary. Where the laths were prevented from
being bolted to the beams by the column connection plates
or because the angle of the beam was incorrect, they were
cut and additional laths inserted as reinforcement.

Details for cable boundary

It was necessary to devise details for the part of the restaurant
shell which was to be supported on cables. When uniformly
loaded in their plane, cables behave in a similar way to
beams except that the compression force is made up by the
end reactions. The difference is that the cable profile and the
end reactions must be compatible with the load distribution.

For a grid shell standing on a cable, the cable profile should
be defined by the distribution of forces in the laths, but
conversely, the forces in the laths could be defined by the
cable profile, It is the interaction that is important and it was
thought that if the cable and associated region of shell were
well conditioned there would not be a problem. The Linkwitz
forces were taken as being suitable for defining the cable
profile but in each span the forces were averaged out and
treated as uniform so that the cable profile was taken to be a
parabola,

The cable boundary is divided into five spans by columns.
These columns are not stiff enough to change the force in the
direction of the cable by a significant amount so the cable
tension has to be considered constant. The spans are 5, 6.5,
10, 6-5, 6 m. The loads and stopes alse vary in each span.
The influence of the cable tension on the deflection was studied
to try and optimise it for all spans and finally a cable tension
of 12-5 tonnef was selected.

To connect the grid sheil to the cable it was decided to stick
to the principle of first connecting the laths to a plywood

% \ o ‘ e
N / -
\'-\ \ 4 \ \ % 2P
" A s PLYWOOD TRIMMER o " .
- A '
N / 74 7
) Y ¥ N
- P / /\\\- “‘\\ D Z N
) / / A ‘\ N D
- N
- V . N
I N ) /
= 2 ¥ // \
4 . & \\ Py
1 i 1% T

N S Ny

AT N P o )

l/z}'\ - Ai#:a? ~. /{—- 5

2N L 555 WLz 5 N G
) S - 4 \\

SYSTEM POINT
2- 30mm DIA MAIN
DOUNDARY CABLES

0TO : ' RN
N e .
§2mm i C/ /&

15 DIA. TIE-DOWN GABLE / vy

300mi DIA. STEEE COLUMN / 2~ 36mm THICK PLYWOUD EDGE .

ATED BEAMS, EACH SIDE OF LATTICE -
Fig 88. Cable boundary

- The Structural Enginear/March 1975/ No. 3/Volume 53 128
e

» R Hﬁ}?;%’%ﬂaﬁw,fymmw

P il



s g e

ARCH, CONSISTING OF TWIN
LAMINATED TIMBER BEAMS
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SIDED SHEAR PLATE

CONNECTORS 47,
(a) '

ELDED STEEL

‘H* SECTION
SYSTEM BETWEEN ARCH
POINT MEMBERS
omm DiA.

HOLDING DOWN
BOLTS

£
Fig 59(a) and (b). Arch foat point

board and then connecting the board to the cable. {See
Fig 58). This system was chosen as more than one bolt was
required to transfer the forces from the laths. In addition, the
plywood would give some bending stiffness which would help
cope with the difference between the lath force distribution
and the cable profile. It would aiso provide the out-of-plane
stiffness which the system reqguired and could be used to
define the cable profile.

At the columns the cables were brought together. This was
done parily to overcome problems with the angle of the
column head and partly to provide resistance to out of plane
shear forces.

Arches

As with the beams, the arches were designed in laminated
fimber 60 x 500 mm on either side of the grid. Again the
geometry was a problem because the arches had to lie flat
on the surface of the shell. It was possible to make the arch for
the Multihalle in faminated timber but all the other arches
twisted so much that they had to be taminated from thin ply
which was cut to the developed surface. Once again the
engineers found themselves writing geometrical programs 1o
produce the fabrication drawings.

The arches had to be connected to concrete bases using
special steel brackets. The laminated timber was connected
1o parallel steel plates which fited between the two layers
with timber connectors and these steel plates were welded to
a horizontal plate which was held down with bolts to the
concrete. (See Fig 59). Drawings were prepared which
gave cutting dimensions of the plates so that when assembled,
the plates would be in the same plane as the arches.
Achieving the necessary standard of accuracy proved to be
very difficult as the same points had to be used for both the
arch development program and for the plate angles. Point £
of arch A proved to be the most difficult as at this point the
arch, the valley beam and the boundary of the Banana all met.
There were many possible sources of error and three of them
were found by experience.

Issue of drawings

The drawings which were finally prepared for the beams and
arches were fully dimensioned so that the contractor could
fabricate directly from them. At the start it was believed that
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this work was to be done by the contractor and it was not
allowed for in the programime. The difficulties involved in the
geometrical. calculations were also underestimated and this
had a further delaying effect. In spite of this, as can be seen
in the progress chati {Fig 16), the drawings were just issued
in time for construction as the concrete work was in delay.

As the contractor was not involved in prepating the
drawings he did not fully understand the system of defining
the geometry and this led to some erors. Producing such
drawings is a process of communicating the construction
reguirements to the contractor who must understand them in
order 1o build from them. In the authors' view this
communication is more satisfactorily achieved if the fabrica-
tion drawings are prepared by the contractoy and checked by
the engineers.

ERECTION

Principles

The lattice shell system can be thought of as construction
technigue which is related to the form finding process of
using hanging chain nets. During erection the laths which
have been laid out flat are lifted into shape, then fixed at the
boundaries and the node bolts tightened. For a single layer
lattice such as those built at Essen and Montreal, the stiffness
of the lattice during erection is almost the same as that of the
finished structure and so the shell can be expected to stand
as soon as the boundaries are fixed. 1t can also be expected to
adjust its shape so that the strain energy of the bent laths is
minimized. This means that bumps induced in the surface by
the initial lifting process will be re-distributed.

With doubte layer shells, stiffness is added by tightening the
node bolts so that the two layers act compositely and by
installing the ties. In its unbolted condition the collapse load
of the Multihalle is about equal to its self-weight, so after just
fixing the taths at the boundaries the shell would not take up a
stable shape. In addition, during lifting the laths defiect in
bending between the lifting points and unless a large number
is used the shape will not be good.

Crane systems and model simufation

The lattice shells built at Essen and Mantreal had been lifted
into shape with cranes. In the tender documents for Mann-
heim a similar system of lifting had been proposed and the
contractor had priced for this. As the boundary details were
developed, the engineers became concerned about this system
of lifting. Realizing that very large cranes wouid be required
o lift the grid at that radius and that these would have 10
ramain on site for a few weeks until bolting up was completed,
they asked the contractor 10 consider alternatives in terms of
scaffold towers and jacks. The contractors felt that cranes
would be quicker and safer and were reluctant to change
from that which they had priced.

The engineers were therefore asked to find suitable lifting
points which would fit the cranes and spreaders and which
would produce a good shapefor the shell. It appeared to be very
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difficult 1o cafculate the effect of the lfting points on the
shape, and it was thought that a model which scaled the
weight and stiffness of the two unbolted single layer grids
would provide the most information and would allow for
experimenting with different spreader arrangements.

A suitable woven wire mesh was found in a builders”
merchants, the weight and stiffness of which was found by
measurement and proved by measuring the period of a
vibrating wire. Applying scale factors indicated that if the
weight of the mesh was increased to five times the self weight
the properties would be correctly scaled for a 1:60 model.
10 mmiead fishing weights were used to achieve the necessary
increase in weight and a model was made from the Linkwitz
cutting pattern (Fig 60}. This model was taken to Mannheim
and was used in discussions with the contractor to find the
best lifting arrangement and to define with him the step by step
sequence of operations. The crane loads were measured by
weighing the model with a small spring balance. This work
demonstrated that it was necessary to have cranes which
could fift 16 tonnef at 40 m radius.

In addition to the main cranes, extra supports around the
edges were required to get the correct shape in this area and
the contractor proposed i use 10 m timber poles and winches
for these. The contractor was now faced with having four
200 tonne cranes on site for about three weeks at an
alarming cost. At this time, when the Multihatie lattice was half
laid out they investigated a proprietary system of scaffolding
which formed towers 1 m square, stable to 17 m height, and
which had sections 1-33 m, and 1-00 m and 0-33 m in height.
They proposed to use these instead of the cranes and to push
up the lattice from below (Fig 61).

Lifting with scaffolding towers

This change involved a complete redesign of the lifting points.
With the support point now below there was a basic instability
of both the towers and the spreaders which had to be taken
into account. An H-shaped system of spreader beams was
proposed, supported at the centre, which had to be designed
to transmit forces in the plane of the fattice as well as normal
forces. The connection between the main beam of the
spreader and the scaffold towers had to accommeodate
rotations in any direction. A ball joint was ideal and the
contractor found a suitable ball from a caravan tow attach-
ment and fabricated a socket from tube and plate. The joint
between the main spreader beam and the two secondaries
had to be designed for rotations about a normal axis to allow
for the angle change of the lattice. The shear at this point and
at the centre point was transmitted by Bulldog shear
connectors,

To minimize the cost of scaffolding, it was necessary 1o
have the widest possible spacing between the towers but
this was obviously dependent on the bending strength of
the lattice and the defiection between the towers. The
spacing could be increased if larger spreaders were vsed
but these would become unmanageable if too large. A tower
spacing of 9 m was selected with 3-8 x 2.5 m timber spreaders
(Fig 62). In designing this system the engineers worked in
tlose collaboration with the contractors to ensure that the
system was stable, giving design assistance where necessary.
The first tower and spreader was installed three weeks after the
system was proposed.

Lifting

At first the contractors intended to jack up the towers using
lorry jacks, each tower being jacked up 33 cm at atime and a
new section added. As the towers were lifted some of them
had to be moved horizontally to aliow for the change of shape
of the lattice. This gave the contractor the idea of using fork
lift trucks which would be heavy enough to control the base of
the towers without restraint and which could camry out both
lifting and moving quickly (Fig 63). During the lifting and
traversing process the lattice was anchored with cables at
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Fur 60, Wire mesh model to simuiate self weight deforma-
tinas of wnbolted lattice

Fig 61(a) and (b). Scaffold towers (b}

certain key points to prevent collapse. The towers were stable
1o a height of about 17 m so the ones that were higher than
this had additional bracing cables to ensure their stability.
The towers which were on the raised areas inaccessible 1o
the fork lift truck were lifted using a specially-designed frame.

Shape adjustment and balting up

When all the towers of a shell were close to the right height
and position, there was about 200 mm deflection between
the tower points and the centre points and as the tower
spacing was close to the buckling wavelength of the dome
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Fig 62, Detail of spreader and ball joint at top of scaffold
towers

it was important to reduce this error. Hand calculations
indicated that a toierance from the Linkwitz shape of
+50 mm over this length would be acceptable. It was therefore
pecessary to try bolting up the middle strips between the
towers and then adjusting the tower heights to eliminate the
bumps.

The properties of the square grid of laths is such that with
the boundaries in their correct positions it is only necessary to
determine the heights of the node points for these to be in
a unigue position. Additional checks can be made on the
horizontal positions and on selected diagonal lengths.
However, using these methods together would result in
redundant information and couid lead to confusion when
adjusting the shape of the shell. The heights of the nodes
were therefore taken as the controfling dimension with
checks on the hosizontal position of a few central points
and on some diagonal lengths near the boundary. The curva-
1ure of the laths was checked for smoothness by eye.

For the Multihalle, two middle strips on a NE to SW
diameter across the large dome were adjusted and bolted up
first. The towers between these strips were then lowered so
that the bumps were smoothed out and these were bolted up.
In lowering the towers the strips already bolted up tended
to move, and to eliminate the bumps it was often necessary
to lower the towers more than was required, and to rejack the
shell inte the correct shape afier the area was tightened. It is
important to work out from the centre to the boundary which
is bolted up only when the whole stiip is correct, otherwise
errors could be built in.

Afer this first diameter strip was fixed, work proceeded
on strips at right angles running in & NW direction but
afways working from the centre outwards. When the whole of
the NE half was fixed, work progressed southwards towards
the Biergarten and the area over the walkways.

RATCHEY TYFE CABLE g
TENSIONING DEVRCE.

SCAFFOLD TOWERS

Fig 64. Diagram of flying strut used to efiminate low areas
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Fig 63. Fork lift truck being used to raise a tower

Where difficulties were experienced with flat areas between
the towers or with bumps at the towers which would not
come out, then flying struts were introduced, supported
on cables stretched between the towers (Fig 64), which
could apply an additional load to the shefl.

}t was anticipated that there would be difficulties with
bringing the Biergarten area of the shell into its correct shape
where it slopes cutwards at the beams. As described already,
the slope of the beams in this area had been adjusted from
that predicted by the Llinkwitz coordinates, and it was
found on site that the sheli could be pulled into this shape
without probiems and it fitted the boundary well for most of
its iength. At one column where the change in angle was
largest, it was necessary to cut the laths and allow them to
separate so that the grid could be pulled into the corner.

At the beam and arch boundaries, the laths were first
bolted 1o the inner member with a few bolts; the bolt holes
wete then drilled through the laths and inner member. The
outer member was then fitted into place and connected at
the ends. The bolt holes were drilled through from inside and
the bolts fitted and tightened.

When the erection system was considered in the design
stage it was thought that there would be snags with the laths
not slipping smoothly or with the bolts jamming in the holes.
This latter problem did occur if the slotted holes had not been
correctly set out, but apart from that the lifting proceeded
smoothly and quistly, and by using the scaffold towers the
lifting process was slow enough to allow time for these points
to be checked. The lifting and bending to shape of the single
tayer areas proved more troublesome. Because of the tight
curvature more breakages were experienced and with fewer
laths to redistribute the load these tended to spread.

Load test

At a fairly early date in the design process the proof engineer
had stated that he felt that it was necessary to proof load the
structure to satisfy alt parties that it would carry the snow
toads and it was agreed that building permission would be
dependant on this test. As the structure had to be finished
before the test load was applied, a formula had 1o be worked
out whereby the permission to start erection could be given
on the basis of the engineering calculations.

Ove Arup & Partners maintained that the load testing was
unnecessary and that it should be possible to verify the
assumptions made in the calculations on the basis of the
work carried out. However, the political benefits were obvious
and it was agreed that it would be interesting to apply this
ultimate check on the computer calculations. Accordingly an
area for loading of about 500 m? on the Multihalle was
selected by the proof engineer who requested that it should
be loaded to 1-7 times the design joad. This meant that a
toad of 40 kgf/m?, equal to 2-5 times the imposed load, had to
be applied.
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Fig 65, Contour lines of vertical deffections predicted by
computer for test load case with measured deflections
superimposed

The non-linear program was run with this foad case and the
resulting deflections were plotted (Fig 65). The results were
examined to check for any areas of over stress which could be
damaged.

A system for applying the load was devised (Fig 66)
using dustbins borrowed from the city of Mannheim, filled with
water so that cach weighed 90 kg. These were to be hung
from every ninth node using iron wire. The dustbins would
be placed on concrete blocks and the load would then be
applied by lifting them and removing the blocks. The load was
to be applied in four stages, measurements of vertical
deflections being made at 14 selected points using hanging
weights.

Additional measurements were to be made by Professor
Otte and the staff of the IL, using double exposure photo-
graphic techniques, and by the staff of the IAGB, using a
theodolite fitted with an infra-red tacheometer measuring to
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prisms attached to the shell.

It seemed that the load test was going to be a major event
with a large number of visitors from the city present as well
as most of the people who had worked on the structure, and
s0 it was thought to be prudent to carry out a prefiminary
test with a quarter of the load. This enabled the various
systems and procedures to be tested, and boundaries checked,
and had the addtional advantage of taking up some of the
slack in the structure. The results of this prefiminary test
looked promising.

In the full load test the resulting deflections, plotted in
Fig 65, agreed very well with those predicted by the
computer program. The loading and unloading curves for the
central point are plotted in Fig 67 as well as the deflection
for the linear cycle of the computer program. The non-linear
effects and the change in stiffness as the load is applied can
be clearly seen from this diagram.

it is interesting to note that the timber was very wet at the
time of testing and so the value of Young’s Modulus would
be about 10 per cent low and the deflections should have been
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Fig 66. Test loading in progress

3
El

in those they worked with. They wonder if a German firm
working in Britain would have been welcemed and helped
quite so openly, There appears to be a harder interface in
Germany between architects and their structural engineers and
the latter have more status in the public’s eye, more power with
1 the clients and often less integration in the design develop-
ment. Professional practices are smalfer and headed by strong
z individuals. At first the authors were slightly disconcerted by
5 . . this individuatity though it turned out to be more apparent
e than real. The practices are not as centralized as in Britain and
if this had not turned out to be a very specialized building it
would have been entirely designed by Mannheim engineers.
There was no evidence that the workers on site worked
= any harder than they do in England but perhaps due 10 the
// lack of centralization in the country and the absence of

4
quantity surveyors, there was a much more direct approach
20 / /\ ) to both design and contract management. In the field of
. 7 - materials supply it was much simpler to get deliveries than it
/ LOADING, ever appears to be in Britain and ene seemed abte to get speciat
parts or special pieces of steelwork made, galvanized and
delivered in a short time.

Unlike some excursions abroad, this has been almost
wholly delightfuf, especially since the authors were never
suspected of having local interest and their advice was
probably taken as being entirely unbiased, because it was
© = DEFLECTION PREDICTED BY COMPUTER {WEIGHED AVERAGE OF thought that they stood to lose the most or gain the least

ADJACENT COMPUTER NODES] . L

according to the success of the building.

2

L)
9

VEATICAL DEFLECTION DOWNWARDS
&

UNLOADING
40

° 10 20 30 40
. TEST LOADING kpfm?
X =MCASURED DEFLECTION

2 = DEFLECTION PREDICYED BY LINEAR CYCLE OF COMPUTER PROGRAM.,
THIS SHOULD PREDICT THE LOAD DEFLECTION BEHAVIOUR FOR
SMALL VALUES OF TEST LOAD.

Fig 67. Laading and unloading curves for central point

correspondingly high. The agreement of the measured
defleciions with those computed confirms the statement
made in the section on Safety factors. page 124, that the
assumptions made in the mathematical modeiling were
pessimistic.

Conclusions
The authors feel that this is an extremely interesting form of
construction though probably more economic for shorter
spans with simpler boundaries. Not only is such a structure
easy 1o erect but it enables almost any plan shape to be simply
covered.

Regarding the problems of working in Germany, the E -
authors would Jike to stress the lack of nationalistic prejudices Fig 68. Multihalle with restaurant grid in foreground

134 The Structural Engineer/March 1975/No. 3/Volume 53




3
:
:

in
ad
ith
p-
ng
by
ot
nd
| it

ed
he
of
ch

of
1t
BE!
nd

ast
ver
1as
jas
ast

2 63

The authors would especially like to thank the architects—
Carliried Mutschler, Joachim Langner and Winfried Langner;
the roof consultants—Professor Frei Otio and Ewald Bubner;
their collaborating engineer--H. Spaeh; the proof engineer—
Professor Wenzel and his associates, K. Oertling and B.
Frese; Professor K. Linkwitz and H. D. Preuss, who carried out
the photogrammetry; the timber contractors—Firma W,
Poppensieker; and the engineer in charge of the work on
site—W. Toll.

In presenting such a paper, the authors represent the efforts
of many. All these they thank but they particularly wish to
acknowledge their colleagues:

John Howell: Aerodynamics and timber testing

Chris Williams : Mathematica! interpretations and justifi-

cations ; analysis of the Muktihalle

Joachim Schock : Analysis of restaurant

Rod Macdonald: Geometry of boundaries

Frank Pyle: Detailing and production of drawings

Michael Dickson : Site planning

Terry Ealey: Site control

Robert Pearson: Advice with analysis and checking of

calculations

They also thank br. John Simper of the BHRA for
assistance with wind tunnel testing, and Harold Burgess and
George Welfer of TRADA for their help with timber testing.

References

1. Rankine, W. .J. MacQuorn. A Manual of Applied Mechanics,
1858. In fact, this property of using the analogy of inverted
chains to analyse arches was first put forward by Phillipe de la
Hire in 1695,

2. Otto, Frei. Tensile Structures, Vols. 1& 2, MIT Press, 1967,

3. Sweeney, J. J. and Sert, J. L. Antoni Gaudi, Architectural
Press, 1970.

4. Roland, Conrad. The Work of Frei Otto, Longman, 1970. This
gliv?? a description of both the Essen and the Berkeley lattice
shells.

5, "Report on the German Paviltion for the Montreal Expo” 1967°
(unpublished). Institut fir L eichte Flichentragwerke.

6.71L 10, A Report on Gridshells" {to be published shortly),
Institut fir Leichte Flachentragwerke.

7. Wright, D. T. "Membrane forces and buckling in reticulated
shells’, Journal of the Structural Division, ASCE, Vol. 91,
No. 871, February 1965.

8. '‘Non-linear static analysis of space frames, space trusses and
plane grids’, Flectronic Calculus Inc. Program 603.

9, For description of /nstitut fiir Anwendungen der Geodasie im
Bauwesen work, see paper "Analyticat form finding and
analysis of prestressed cable networks', International Con-
ference on Tension Roof Structures PCL, April 1974. Also
references quoted at the end.

10. Gumbel, E. J. Statistics of extremes, Columbia University
Press, 1967. See also Davenport, A. G. 'The application of
statistical concepts to the wind loading of structures’, Proc.
ICE, Yol. 18, Paper 8480, 1961.

T1. Anon. “Wind in Western Europe’, Laboratoria Nacional de
Engénharia Civil, Lisbon, 1263.

12. Several Authors. ‘Wind effects on buildings and structures’,
Symposium 16, The National Physical Laboratory. HMSOQO,
June 1963. See paper no. 1 by C. Scruton and paper no. 21 by
R. E. Whitbread.

13. Handbook of Soft Woods, HMSO, 1960.

14, Wood Handbook No. 72, US Depantment of Agricuiture,
US Government Printing Office, 1955.

15. Kollmann, F. P. and Cote, W. A. The Principles of Wood
Science and Technology—Sofid Wood.

16. "Builetin No. 50—The strength properties of timber’, Ministry
of Technology, Forest Producis Research, HMSO0, 1965,

17. Sunley, J. G. ‘Strength properties of Western hemfock’,
Forest Products Research Laboratory, May 1959,

18. Booth, L. G. and Reece, P. O, The structural use of timber,
Spon Ltd, London, 1967.

19. Buckingham, E. 'On physically similar systems’, Physical
Review, 1914,

20, Tezcan, S. S, and Ovung, G, “An iteration method for the non-
linear buckling of framed structures’, chapter 45 of The
lnternational Conference on Space Structures, University of
Surrey, September, 1966, ed, by R. M, Davies, Blackwell
Scientific Publications, 1867,

Z1. Tezcan, S. S. and Mahapatra, B. C. ‘Tangent stiffness matrix
for space frame members', Journal of the Structural Division,
ASCE, Vol. 95, No. ST6, June 1968.

22. Horne, M. R., and Merchant, W. The Stability of Frames,
Pergamon Press, 1965.

23. See 'Repori of Commissioners into the use of iron in railway
structures’, 1853. Hodgkinson catried out a number of tests
on columns and derived an empirical formula,

His work was used by Lewis Gordon to derive a better formuta.
See Rankine, W. J. MacQuorn, A Manual of Applied Mechanics,
1858.

24, Fidler, Professor Claxton. Proc. /CE, Vol. LXXXVI, 1886.

25, Mills, G. M. Theory of Structures, Macmillan, 1965.

26, "General principles for the verification of the safety of structures’.
International Standard 1SO 2394, 1973.

27. 'Bulletin No. 41—The strength of nailed joints’. Forest Products
Research, HMSOQ, 1957.

The Structural Engineer/March 1975/No, 3/Volume 53

135







